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ABSTRACT OF THE DISSERTATION
ALTERNATIVE CONNECTIONS FOR ACCELERATED CONSTRUCTION OF
SIMPLE FOR DEAD LOAD AND CONTINUOUS FOR LIVE LOAD STEEL
BRIDGE SYSTEM
by
Amir Sadeghnejad
Florida International University, 2021
Miami, Florida
Professor Atorod Azizinamini, Major Professor
The simple for dead load and continuous for live load (SDCL) steel bridge system has
been implemented in non-seismic areas with desirable field performance. However,
in seismic areas, the application of the SDCL steel bridge system has not been
implemented due to a lack of verified seismic details. A connection for the steel
girders over an intermediate pier using a concrete diaphragm suitable for seismic
areas was developed using numerical analysis. The field application of the developed
connection required experimental verification and validation.
One of the main objectives of this study was experimental verification of the
developed detail under seismic loads. In this study, component level and systemlevel testing were performed on scale models of SDCL steel bridge system made
with the developed connection detail. Component testing was performed on a scaled
connection detail under cyclic loads. And the shake-table test was done on a scaled
two-span steel bridge, which was subjected to earthquake excitations. In both tests,
the behavior of the connection detail was desirable. The plastic hinge was formed at
predefined locations and prevented the capacity-protected elements from damage.
Based on the result of the experiments and complementary numerical analysis on a
full-scale prototype bridge a set of design recommendations was developed.

v

Another objective of the study was the development of a simplified connection
detail utilizing ultra-high performance concrete (UHPC). UHPC has superior mechanical properties such as high compressive and tensile strength and high ductility.
UHPC is an attractive material for accelerated bridge construction applications because of its high early strength gain. In this study, a new connection detail utilizing
UHPC was developed using numerical analysis. The numerical models were validated with the available experimental data. Multiple sets of parametric studies
were performed to develop the connection detail and understand the behavior of
the connection under various loading scenarios. The result of the numerical analysis
was used to develop a set of design recommendations for the UHPC connection of
the SDCL steel bridge system in non-seismic and seismic areas.
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CHAPTER 1
INTRODUCTION

1.1

Research Motivation and Objectives

Accelerated Bridge Construction (ABC) is a bridge delivery method that reduces the
on-site construction time and results in improvements in safety, quality, and durability. This research focuses on an ABC technique for the construction of multi-span
steel bridges. Simple for dead load and continuous for live load (SDCL) bridge
systems offer an ABC solution for steel bridges resulting in many advantages including economy for multi-span bridges spanning up to 45 m (150 ft.) compared to
continuous steel bridge construction [1].
Multi-span steel bridges are usually constructed by placing continuous girders,
which are spliced at regions with lower moment demand (between 1/3 or 1/4 of span
length). Then the deck is formed and is cast in-place. On the contrary, in the SDCL
steel bridge system, girders are placed over supports (abutments and intermediate
piers) and are connected to the adjacent girders using a concrete diaphragm, so
that the girders act simply-supported under dead loads and become continuous
under superimposed dead and live loads after hardening of the concrete diaphragm.
SDCL steel bridge system can be constructed using conventional (cast-in-place
deck) or ABC (precast deck panels or modular approach). For both methods of
construction, the connection between the girders and the intermediate pier (the
diaphragm) encases and protects the end of the steel girders, thus resulting in improved service life. Furthermore, using an SDCL steel bridge system eliminates the
field splices and the requirement for additional cranes and shoring. This results in
a reduced impact on intersecting traffic.
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The application and performance of SDCL steel bridge system using conventional and ABC methods for non-seismic areas have been extensively studied and
proven to have desirable field performance [2–6]. In seismic areas, the application
of the SDCL steel bridge system has not been implemented due to lack of seismic
details. However, the seismic application of the system has been recently studied
numerically and a connection for the steel girders over an intermediate pier using
concrete diaphragm has been proposed [7, 8].
The proposed detail was only based on numerical analysis and was not experimentally verified. The first objective of this study was to experimentally verify the
proposed detail by previous researchers. The experiments ensure the validity of the
numerical analysis and provides a chance to reexamine the design recommendation.
The objective of the present research is to finalize the design recommendation for
use of the SDCL steel bridge system in seismic areas.
One of the shortcomings of using normal concrete in the accelerated construction
of bridges is the long curing time and low early strength gain. The development of
new materials, such as Ultra-High Performance Concrete (UHPC), has helped with
this shortcoming. The use of UHPC in ABC is gaining popularity as this material
has high early strength [9]. A bridge constructed with field-cast UHPC could be
opened to traffic in a short time. Other than the high early strength, UHPC has high
compressive and tensile strength, short development and splice length for reinforcing
bars, and superior durability properties. The listed characteristics help with the
minimized usage of UHPC for cast-in-place applications.
In this research, by taking advantage of the superior mechanical and durability of
UHPC, an alternative SDCL connection is envisioned. The availability of validated
numerical models helped with developing and refining the connection detail utilizing UHPC. The next objective of the research was to develop preliminary design
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guidelines for UHPC connection in the SDCL steel bridge system.
In summary, the followings were the main objectives of this research study:
• Verification of the developed SDCL connection detail for seismic areas using
normal strength concrete diaphragm through experimental investigation.
• Refining and finalizing the design guidelines for the connection detail in an
SDCL steel bridge system in seismic areas.
• Developing simplified connection detail by utilizing UHPC in the diaphragm
region for an SDCL bridge system through numerical analysis.
• Developing preliminary design guidelines for the SDCL steel bridge system
utilizing the UHPC connection for non-seismic and seismic areas.

1.2

Methodology

Experimental verification of the seismic detail developed previously, was accomplished in two experiments. The first experiment that was performed was a 1/3
scale component test. In this test, a portion of the superstructure and one column
were built in an inverted test setup. The connection of the superstructure to the
pier was according to the preliminary design guidelines developed through numerical analysis. The purpose of the component test was to ensure that the connection
performs as intended before conducting system-level testing.
The system-level testing was performed at the University of Nevada, Reno on a
1/3 scale two-span SDCL steel bridge model. The bridge was constructed using ABC
techniques and one of the ABC connections used was the developed SDCL connection detail. The results of the shake-table testing were compared with component
test results to verify the intended behavior of the connection detail.
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Next, a new set of numerical models were developed using new material models
available in ANSYS [10]. The purpose of the numerical models was to simulate a fullscale scenario for the connection and evaluate the real application of the system.
A prototype two-span steel bridge was selected from an FHWA design example
and redesigned as an SDCL system in a seismic area. Then a set of models was
developed, and various loading scenarios were applied to the models. The results of
the finite element analysis were finally compared to the demand load combination
on the structure.
The final portion of the research was mainly toward the development of the
UHPC connection for the SDCL steel bridge system. First, a numerical material
model was calibrated for UHPC using the experimental results from the literature.
Then, the previous validated numerical techniques along with the newly calibrated
material model for UHPC were utilized to investigate the behavior of the envisioned
connection detail. A set of parameters was chosen for the seismic and non-seismic
versions of the connection and different loading scenarios were applied to the system.
Finally, a set of recommendations was developed for designing the UHPC connection
detail in an SDCL steel bridge system.

1.3

Dissertation Scope

This dissertation is organized into seven chapters.
Chapter 2 presents a literature review on continuity details studied and used
for concrete and steel bridges. The review goes into detail on the steel bridge
connections available for non-seismic areas and focuses on the numerical effort done
to develop the seismic detail. A review of the seismic design philosophy and UHPC
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material characteristics and application in bridge engineering is also included in this
chapter.
Chapter 3 discusses the first experimental program on the component level verification of the connection detail. The detail of the experiment, cyclic behavior of
the component level specimen, forming of the plastic hinge, crack development in
column and cap beam, and strains in reinforcing bars are highlighted in this chapter.
Chapter 4 summarizes the shake-table testing performed on a 1/3 scale model
of the prototype bridge that was performed at the University of Nevada, Reno. The
results of the shake-table testing were then compared with the component test.
Chapter 5 presents the numerical modeling performed on the seismic SDCL
connection detail. First, the assumption and material models used are presented.
Next, the experimental data from non-seismic detail performed at the University
of Nebraska, Lincoln, and verification experiments for seismic detail were used to
validate the finite element models. A set of models was developed for a two-span
bridge designed for SDCL in seismic areas. The results from the finite element
models were compared with the demand loading on the structure to finalize the
design guides.
Chapter 6 presents the efforts on the development of UHPC connection detail.
In this chapter, a material model is calibrated for UHPC using experimental data
from the literature. Then a parametric study was performed for refining the UHPC
connection detail for the SDCL steel bridge system. Finally, a preliminary design
recommendation for UHPC connection detail is developed.
Chapter 7 summarizes the conclusions, contributions, and suggestions for future
studies.
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CHAPTER 2
BACKGROUND
This chapter provides a summary of past research and literature related to the
development of simple for dead load and continuous for live load (SDCL) steel bridge
systems in seismic areas. Multi span steel bridges are generally constructed continuous with splices at inflection points, as opposed to prestressed concrete bridges
where precast girders are simply supported. To eliminate the joint between spans,
simple made continuous concrete bridges were introduced. The idea of simple for
dead load and continuous for live load in steel bridges comes from this methodology
in concrete bridges and results in economy in steel bridges.
The chapter goes over the past research related to details developed for the
continuity of concrete superstructures and girders. After that, the summary of the
research and application of SDCL steel bridges in non-seismic areas is presented.
Finally the research that let to the development of the seismic detail is reviewed.

2.1

Continuity of Superstructures in Concrete Bridges

Multi-span concrete bridges are usually constructed as simple spans with expansion
joints in between them, mainly because the concrete prestressed girders are precast.
The joints between the spans usually have high maintenance costs and require repair
or replacements in short intervals. One of the issues with these joints is drainage
of water and ice-removal salt through the joints and causing deterioration and corrosion to the pier and girder ends. The advantages of a continuous system are not
limited to eliminating the joints and increasing the service life of the structure. The
mid-span bending moment and deflections decrease due to the continuity and therefore smaller sections are required. This can result in reduced costs for the whole
structure. There have been many efforts to develop jointless concrete bridges, to
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reduce the maintenance costs and improve the service life of the structure. Following
is a summary of some of the research performed to develop continuity details for
prestressed precast concrete girders.
One of the first research on continuity detail for precast concrete I-girders was by
Kaar et al. [11]. In this research a simple detail was used for the continuity including
a cast-in-place concrete diaphragm at the girder ends and continuity reinforcement
in the deck (Figure 2.1a). The tested detail was found to be sound and capable of
fully developing the negative moment demand over the pier. In this research the
connection at the middle pier is assumed to be under live loads only since the deck
and diaphragm are cast in place.
Bishop et al. [12] developed a detail using steel plates cast into the girder ends
and then welded at the middle support (Figure 2.1b). In the proposed construction
sequence for this method the girders become fully continuous under dead and live
load. To this end one girder is placed simply supported, and the girder in the
other span is jacked at the further end, then the welded connection is made. After
repositioning the girder, the middle portion will undergo a negative moment. As
this method introduces a negative moment in the girders, the strands are required
to be harped so the end of the girders can sustain the loads. In this research, the
design of this type of connection and girders are analytically investigated, and it
was concluded that this method will result in economy and lighter superstructure.
Freyermuth [13] described the design procedure for precast prestressed concrete
girders made continuous using cast-in-place deck and diaphragm. In this paper, the
detail used for the end of the girders includes 90 °hooked bars provided at the end
of the bottom flange and developing inside the concrete diaphragm (Figure 2.2a).
The basis of designing these bars is for positive moment developed in the long-term
by creep and shrinkage of the prestressed girder.
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(a)

(b)

Figure 2.1: Continuity detail for concrete girders developed by (a) Kaar et al. [11]
(b) Bishop [12].
Salmon [14] argues that providing the extra reinforcing bars will have construction and economical impact and studies the development of steel strands from the
end of the girders into the diaphragm (Figure 2.2b). In this study, three types of
development, including straight, frayed, and bent, were studied for the prestressing
strands. Furthermore, an experimental program was developed for full-scale testing
of the bent strand configuration and was found to have satisfactory results.
There are further researches on similar details using hooked bars (90 °and 180 °)
which had similar results with improvements to the design procedures and predictions of the behavior [15–22]. A recent study by Maya et al. [23] used UHPC for
splicing the strands and making the girders continuous, the method was found to
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(a)

(b)

Figure 2.2: Continuity detail for concrete girders developed by, (a) Freyermuth [13],
(b) Salmon [14].
be capable of transferring the forces through UHPC using short splice lengths.
Ma et al. [24] developed and tested a detail using threaded rods in the top flange
of the I-girders for continuity and compared it to the other methods in terms of cost
of construction and performance. It was concluded that the threaded rod detail
will have better performance and lower cost than other methods e.g. placing all the
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continuity reinforcement in the deck. Placing some of the continuity reinforcement
in the top flange can increase the capacity by 20% and improves the composite
action.
In 1989, Oesterle et al. [25] performed a survey on the use of continuous precast
concrete girders among transportation officials, designers, and fabricators. Based
on the conclusions of the survey and the previously developed details, they provided
design criteria to be incorporated in AASHTO codes. Another survey was conducted
in 2003 by other researchers [26–28] to revisit the application of continuous girders.
The most significant changes in the use of continuity detail were in the design process
and the common details (bent bars and bent strands) were still in use in most of
the country.
Application of prestressed girders made continuous over an intermediate pier for
seismic areas has been studied by various researchers [29–35]. Formerly, an integral
cap-beam system was being used in seismic areas, consisted of an inverted-T cap
beam and a cast-in-place concrete diaphragm portion to connect the girders to the
cap beam. Snyder et al. [30] studied the behavior of this connection under earthquake types of loading and suggested improvements to the connection. Furthermore,
researchers developed positive moment connection details for ABC application of the
same system [29, 31]. These connections included grouted unstressed strands extended from the end of the girder and looped strands cast in the cap beam around
a group of dowels in the bottom portion of the beam. More variations of these
connections for cast-in-place cap beams were also tested in a later study [32, 33].
These connections were studied experimentally and numerically and was found to
have comparable performance to the non-ABC connections.
One of the concepts that were developed to facilitate the ABC application of concrete girders to be made continuous for live loads, was two-stage cap beams [34, 35].
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In this construction method, a precast drop cap is erected first which can withhold
the weight of the superstructure. Then the girders are placed on top of this drop
cap. After that, by casting the second portion of the cap (diaphragm) the girders
become continuous and integral with the pier. This method if detailed accordingly
is very suitable for seismic areas, especially for ABC. A schematic drawing of this
concept is shown in Figure 2.3 . In this method any of the developed connections
for the positive moment (e.g. extended strands or embedded hooked bars) can be
easily implemented.

Figure 2.3: Two stage cap beam construction [35].
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2.2

SDCL in Non-seismic Areas

The construction of multi-span steel bridges is commonly consisted of erecting the
girders, splicing them in the field at zero moment locations, and then casting the
concrete deck on top of them. In this method the resulting negative moment over
the pier usually governs the design therefore this section requires thicker and heavier sections. When the steel girders are placed simply supported and then joined
together over an intermediate pier after casting the deck, the resulting negative moment will decrease significantly and thus the whole girder can have the same section.
This steel bridge system is called simple for dead load and continuous for live loads
(SDCL) or simple-made-continuous (SMD).
The SDCL steel bridge system in non-seismic areas has been extensively investigated at the University of Nebraska, Lincoln (UNL) through experimental, numerical
and analytical studies [1–6, 36–40]. This research has been resulted in developing
connection detail for ABC and conventional application of the SDCL steel bridge
system in non-seismic areas. This connection uses a concrete diaphragm cast with
the deck for the continuity of the steel girders, similar to the details used for concrete
girders.
The main difference between a continuity detail for steel and concrete girders is
the long-term deformation of the girders. In a steel bridge made continuous over
an intermediate pier the connection will always be under negative moments, unless
there are more than three spans and a further span is loaded. Even for this case
the positive loading on the connection would be minimal compared to the positive
moment resulting from long-term effects (creep and shrinkage) in concrete girders.
Therefore, this connection should be investigated for types of loadings which result
in a negative moment.
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The experimental testing performed at the UNL was on four different details
shown in Figures 2.4, 2.5, 2.6, and 2.7 . The first detail consisted of a continuous
bottom flange using a full penetration weld and a plate welded to the end of the
girder (Figure 2.4). The second detail was a non-modified steel girder end embedded
in concrete (Figure 2.5). The third detail was similar to the second detail with the
addition of an end plate for the girder (Figure 2.6). In these two details the girders
were placed as a distance from each other. In all the connections the transfer of
the tension in top flange was through additional reinforcement in the deck. In the
fourth detail, the bottom flanges were welded to a steel plate, and the plates from the
two girders were simply touching each other (Figure 2.7). The deck reinforcement
ratio was similar to the previous tests however the deck bars from each span were
developed inside the diaphragm using 90 °hooks. This facilitates the use of the
system for ABC applications.

(b)

(a)

Figure 2.4: Test 1 of non-seismic SDCL development (a) schematic view (b) girderend detail [39].
Fatigue and ultimate level testing were performed on full-scale specimens for
each detail on double cantilever test specimens (Figure 2.8). The purpose of the
investigation was to develop a detail that can perform well under fatigue loads, and
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(a)

(b)

Figure 2.5: Test 2 of non-seismic SDCL development (a) schematic view (b) girderend detail [39].

(a)

(b)

Figure 2.6: Test 3 of non-seismic SDCL development (a) schematic view (b) girderend detail [39].
under ultimate load have a desirable and ductile behavior. The first three tests were
performed first [39] which was followed by the fourth test [40] for ABC application
and refining the design criteria. One of the important conclusions from the first
series of testing was that the continuity in the bottom flange is required to prevent
premature crushing in the concrete. This conclusion was confirmed by the fourth
test in which the plates welded to bottom flanges were touching each other without
additional welding. The load-drift ratio curves for these four tests are shown in
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(a)
(b)

Figure 2.7: Test 4 of non-seismic SDCL development (a) schematic view (b) girderend detail [40].
Figure 2.9.

Figure 2.8: Schematic view of the non-seismic details test setup [39].
Other than the research performed at the UNL, there were studies on the application of various details to be used for making steel girders continuous. Wasserman
[41] described two different details implemented by Tennessee that used continuity
of steel girders over an interior pier. The first detail was similar to detail 3 of UNL
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Figure 2.9: Load-drift ratio curves for the non-seismic tests [39, 40]
with endplates and a distance between the girders, with additional grouted anchors
at the bottom flange to the pier. The second detail consisted of cover plates on the
top and bottom flanges. The cover plate on the bottom flange was welded before the
construction and placement of the girder, then these plates were made continuous
using double wedge kicker plates welded on site. The top cover plates were to be
bolted to the top flange. In this method, the girders become continuous for the slab
dead load and the loads placed after that, so this might impact the design by the
additional negative moment from slab dead load.
Zordan et al. [42] introduced another type of continuity detail for steel girders
using a concrete diaphragm. In this method the girder with an endplate, is placed
completely out of the cap beam, not to disturb the reinforcements, and connected to
the cap beam using shear studs. The connection was numerically and experimentally
investigated. It was concluded that the connection will have a semi-rigid behavior
and the stiffness of the connection was estimated in this study. A schematic drawing
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(a)

(b)

Figure 2.10: Continuity detail for steel girders used in Tennessee (a) simple and (b)
continuous under slab dead load.
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of the connection is shown in Figure 2.11. Similar details were also investigated by
other researchers [43].

Figure 2.11: Continuity detail investigated by Zordan et al. [42].
LaViolette et al. [44] described another type of continuity connection for steel
girders in an ABC demonstration project. In this project, the prefabricated deckgirder modules were connected on-site using UHPC closure pours. The continuity
connection at the interior pier consisted of a UHPC closure in the deck (link slab)
and a bolted connection in the bottom flange (Figure 2.12). The connection was
tested experimentally for fatigue and ultimate limit states before implementation.

Figure 2.12: Continuity detail implemented in an ABC demonstration project [44]
Ream et al. [45] described the continuity detail used in West Virginia in their
paper. This connection was similar to the previously described connection and was

18

consisted of steel plates between the bottom flanges and top cover plate for tension
(Figure 2.13). During the literature survey the research of Somja et al. [46] was
found in which they used similar detail as detail 2 of UNL with continuous bottom
flange. This type of connection was also found to have satisfactory behavior since
the compression forces are transferred through the bottom flange.

Figure 2.13: Continuity detail used in West Virginia [45]
Johnson et al. [47–49] investigated another type of continuity detail which was
also implemented in Colorado. In this detail the bottom flanges are welded to a
plate on-site for the compression transfer and the tension is transferred through the
slab reinforcements (Figure 2.14). One of the drawbacks of this type of connection
is that the girder-ends along with the on-site welded portions are fatigue prone and
are exposed to the environment. However, the construction process can be faster
due to the elimination of concrete diaphragm.
Putz [50] tested two specimens with continuity detail similar to detail 1 and 3 of
UNL under negative moments. The detail of the connection was slightly different
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Figure 2.14: Continuity detail tested by Johnson [49] and implemented in Colorado.
as shown in Figure 2.15. One specimen was with a compression steel block and one
was without the steel block. In this study both specimens behaved similarly with a
slight difference in their capacity. However the mode of failure was through yielding
of the deck reinforcement in both cases.

2.3

SDCL in Seismic Areas

Although some of the developed connections, described in the last section, may be
applicable to seismic areas, the types of loading that the connection may experience
during a seismic event were not studied in any of these studies. A Ph.D. study was
performed at FIU by Dr. Ramin Taghinezhadbilondy on extending the application of
the SDCL bridge system to seismic areas. This study focused on the types of loading
that can occur in the connection area and developed a detail by modifying the nonseismic SDCL detail. The connection was evaluated using non-linear finite element
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(a)

(b)

Figure 2.15: Continuity detail tested by Putz [50] (a) Specimen 1 (b) Specimen 2.
analysis. Part of this dissertation is proof of concept testing for the developed
connection and developing design guidelines. Following is a short description of the
numerical study [7].
In the initial stages of the numerical study, several connection details were considered based on similar studies on prestressed concrete girders [29, 33, 51]. Following
preliminary analysis of these connections, one of them was chosen for further development [7]. The chosen connection was best suited for steel girders, with a slight
modification to non-seismic SDCL (Figure 2.16).
Developing design provisions for any connection involves identifying failure modes
associated with the connection. An ideal approach would be to subject many prototype bridges to a series of ground motions and investigate the force transfer mechanism and failure modes associated with each element of the connection. Alterna-
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tively, one could carry out well-designed experimental work and identify the failure
modes and types of forces associated with various elements of a given connection.
However, this is both expensive and time consuming. In this regard, the behavior of
the selected connection was investigated by using detailed non-linear finite element
analysis and subjecting the connection to three loading configurations as described
below. This approach was selected, partly because of the experiences of past researchers during the development of the SDCL system for non-seismic application
[2, 3] and the availability of calibrated non-linear finite element models, developed
during previous investigations.
The numerical model consisted of a middle pier and length of the superstructure
on either side of the pier to about the point of inflection (zero moment under dead
load). The length of girders to either side of the middle of the pier was 14 ft (4.3 m).
The ends of girders, as shown in Figure 2.16, were connected over the pier using a
concrete diaphragm and the selected connection, which will be described later. The
prototype bridge was a two-span bridge, with each span being 100 ft (28.95 m). The
cantilever ends of the girders in the numerical model, as shown in Figure 2.17, were
subjected to three loading configurations as follows:
• Push-down loading, simulating the gravity loadings, to approximately comprehend the types of forces that connection elements would experience under
gravity loads;
• Push-up loading, simulating the vertical component of the seismic loads, to
approximately comprehend the types of forces and failure modes that connection elements would experience under vertical components of ground motions
during seismic events; and
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• Reversal loading, simulating the loadings associated with the longitudinal component (parallel to traffic flow) of the seismic loads, to approximately comprehend the types of forces and failure modes that connection elements would
experience under horizontal components of ground motions during seismic
events.

Figure 2.16: Developed seismic SDCL connection.

Figure 2.17: Three loading cases applied to the models.
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2.3.1

Proposed connection

The following section provides a brief description of the different elements of the
proposed connection and their function in an SDCL steel bridge system under high
seismic activities.
• Tie bars and shear studs on the compression flange - This part of the proposed
detail is the main difference between the details for non-seismic and seismic
application of SDCL. These ties are to accommodate possible tension forces
between the girders’ bottom flanges. The tension may occur under positive
moments, in the pier area, resulting from high vertical seismic excitation. The
area of tie bars should be designed to resist a positive moment induced by
25% of the dead load acting upward.
• Steel blocks at the end of the compression flanges - These blocks are used to
transfer the compression forces between girders’ bottom flange. This compression force is generated by superimposed dead and live load negative moment.
The width of the block is equal to the width of the bottom flange, and the
height of it is suggested by the previous work to be one-sixth of the height of
the girder. The block size should be checked for negative moment generated
from governing live load combination, the resulting moment arm is the distance between deck tension reinforcement and the center of steel blocks. The
blocks are welded to the end of the compression flanges.
• Dowel bars - These reinforcements, similar to available detail for integral cap
beam, are designed for the torsion and shear in cap beam. Torsion and shear
in the bent-cap occur under longitudinal (along-traffic) excitation, and load
transfer from girders to columns. These bars are also the main mechanism
to resist the forces developed as a result of moment reversal during the longi-
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tudinal component of the ground motion (parallel to traffic flow). Results of
numerical studies indicated that the design of dowel bars could be based on
established Caltrans [52] design provisions for capacity-protected elements [7].
• Live load continuity reinforcement - These reinforcements are placed to provide the continuity for live load and superimposed dead loads. The live load
continuity deck reinforcement is incorporated in the deck design. In the ABC
application of SDCL, the deck reinforcement needs to be developed in the diaphragm. One approach is by hooking them inside the concrete diaphragm as
shown in Figure 2.16.
The stiffeners (endplate or bearing stiffener) from the non-seismic version of the
SDCL connection had to be modified for placing the tie bars between the compression flanges. These stiffeners stiffen the webs at beam end against vertical buckling
and provide smoother transfer of forces from beam to concrete diaphragm over the
middle pier when beam ends are subjected to positive or negative moments.
The global and local behavior of the numerical model of the seismic detail under push-down loading was similar to non-seismic detail. Under push-up loading,
finite element results showed that continuity of bottom flange increases the ductility
and capacity of the connection. Since the bottom flange was not continuous, tie
bars helped the system to increase the ultimate moment capacity. Under reversal
loading, dowel bars were the most critical elements of the connection. The results
demonstrated that tie bars over the bottom flange were unable to provide additional
moment capacity for the system under moment reversal loading configuration. However, increasing the volume ratio of dowel bars can increase the moment capacity
and prevent premature failure of the system under moment reversal, associated with
along the traffic component of the ground motion [7].
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The connection detail proposed was numerically investigated. However, before
implementation a comprehensive experimental verification is required to make sure
that the connection detail behaves as desired. The desired behavior of an SDCL
connection detail in seismic areas is remaining undamaged and elastic during a
seismic event. During a seismic event, damage should form in predefined locations
(plastic hinges) and the connection area should remain undamaged. This hypothesis
was experimentally evaluated throughout this research by a component-level and a
system-level testing.
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CHAPTER 3
COMPONENT TESTING
Parts of this chapter was published in a technical paper titled ”Seismic performance
of a new connection detail in an SDCL steel bridge system” in Journal of Bridge
engineering [53].

3.1

Introduction

The design philosophy for bridges in seismic areas is to predefine locations for damage to take place and design them for adequate levels of ductility [54]. In this design
approach, the superstructure elements are to remain elastic during an entire seismic
event. These elements are called capacity-protected elements. The in-elasticity is
forced to form in the predefined locations, which have sufficient ductility. These
damage locations in bridges are located at the ends of columns (forming plastic
hinges). In the SDCL steel bridge system, the integral connection of the superstructure and substructure causes the damage location to be at the end of the column
near the cap beam.
As explained in the previous chapter, the numerical analysis [7], which led to
the development of the connection detail, focused on models without the column,
thus the non-linearity was forced in the connection area. However, in a bridge
system there should be a mechanism for dissipating the energy (plastic hinging in
the column). Therefore, as proof of concept experiments were designed including the
columns to check the validity of the numerical analysis and whether the connection
will perform as a protected element.
The schematic view of the connection under investigation is shown in Figure 3.1.
The connection detail shown in this figure are listed as follows. It should be noted
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that, the superstructure, including the connection detail, the concrete diaphragm,
the drop cap beam, girders, and deck are capacity protected and must remain elastic
during entire seismic events.

Figure 3.1: Developed seismic SDCL connection.

• Tie bars and shear studs on the compression flange
• Steel blocks at the end of the compression flanges
• Dowel bars
• Live load continuity reinforcement
Component level testing was first step toward verification of the developed connection details for the seismic areas. If designed properly, the failure should not
occur within the connection itself. Also, one of the objectives of the component
testing was to verify the performance of the suggested detail before carrying out
the shake table test. This chapter provides the detail of the component testing
performed at Florida International University.
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3.2

Prototype bridge

A prototype two-span steel I-girder bridge was selected for finding the demand side
of the detail over the pier under seismic loads. The bridge was assumed to be
located in California, Los Angeles area with the latitude and longitude of 33.84926
N, and 118.09252 W, respectively. The prototype bridge was designed according
to the current established provisions [52, 54, 55] and scaled down to one-third for
the purpose of this research. The scaled bridge was designed to undergo the same
stresses as the prototype bridge. The prototype bridge had two 100 ft (30.48 m)
spans with 32 ft (9.75 m) width. The superstructure consisted of four W40x215
steel I-girders and a 7.5 in. (19 cm) deck. Simply supported end abutments and a
middle pier bent supported by two columns were assumed for this bridge.

3.3

Test Setup

The results of the numerical study indicated that the behavior of the SDCL connection is more critical under along-traffic excitation. In the case of an integral
bridge, the longitudinal component of earthquake load results in a double curvature
deformation with the inflection point at the middle of the column (Figure 3.3), when
column ends are fixed. Under along-traffic excitation the best testing scenario, for a
bridge with simply supported abutments, would be to construct the complete length
of the spans and column, then subject loading to the superstructure. However, this
would be very costly. After a thorough review of various test setups, used in previous similar investigations [51, 56–58] an inverted test set up as shown in Figure 3.2
was selected for experimental investigation.
In an inverted test setup, if the whole length of the superstructure is constructed,
the resulting negative moment in the girders at the middle pier would be very
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Figure 3.2: Component test setup.
high. Therefore, the length of the superstructure is taken so that the resulting
negative moment, from the dead weight of the specimen and the attachments, at
the middle pier be close to the scaled negative moment from the prototype bridge.
The length of the column represents the location of the inflection point. Due to this
change in the length of the superstructure there will be a deviation from the actual
induced load under lateral excitation. The shorter test setup result in higher shear
in the super structure, however the induced moment remains similar between the
two cases.Figure 3.3 show the resulting shear and moment diagrams for the bridge
system and the inverted test setup.
In the inverted setup, ends of the girders were simply-supported, and the lateral
load was applied to the end of the column.The application of axial compressive load
to the column, created by the dead weight of the structure was achieved by using
threaded bars as shown in Figure 3.2.
The lateral load was applied using a hydraulic actuator to the cap on top of the
column, reacting to a frame fixed to the strong floor. The test setup was instru-
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Figure 3.3: Deflected shape, moment diagram and shear diagram of bridge system
and inverted specimen under longitudinal excitation.
mented with string-potentiometers, load cells, strain gauges, linear potentiometers
and pressure transducers.

3.4
3.4.1

Specimen Design
Column

The column was designed to sustain large inelastic deformations prior to failure.
Caltrans specifies target upper limits of displacement ductility to reduce demand
imparted to capacity-protected element [52]. Thus, the longitudinal reinforcement
of scaled column and volumetric ratio and spacing of spirals were designed in order
to meet seismic provisions. As a result of scaling down, the size of the prototype
column was scaled while the reinforcement ratio was kept constant. An axial load
of 94 kips (418 kN), assumed to be 10% of the product of gross cross-section area
and concrete compressive strength, was applied to the column. The length of the
column, from the face of the cap beam to the line of action of lateral load, was 1.63
m. The lateral load is applied to the connection through a rectangular cap at the
end of column. The column section is shown in Figure 3.7.
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3.4.2

Girder and Deck

The superstructure was designed as simply supported for the dead loads of deck
concrete and steel girders, and as continuous girders under live loads and superimposed dead loads. The W40x215 steel I-girders were scaled down to A709 GR50
steel plate girders, with 18 in. by 0.5 in. (45.7 cm by 0.95 cm) web and 6 in. by
0.625 in. (15.2 cm by 1.59 cm) flanges. The deck was scaled down to 3 in. (7.6 cm)
thickness with #3 (φ10 mm) Grade 60 reinforcing bars at 4 in. (12.7 cm) spacing.
The composite action between girder and deck was achieved by providing φ0.75 in.
(φ1.9 cm) diameter shear studs in groups of four, spaced at 18 in. (45.7 cm) center
to center along the length of the girders. The details of the superstructure are shown
in Figure 3.4.

Figure 3.4: Test specimen superstructure details (one-third scale).

3.4.3

Cap beam and Connection

The capacity design approach was used for the cap beam and different details, based
on seismic design provisions [52, 54, 55]. The entire concrete diaphragm connecting
the girders with pre-topped deck over the pier was assumed to be the capacityprotected element and was designed to remain elastic in accordance with the specifications listed above. The connection between superstructure and substructure was
assumed to be monolithic, forming a frame action. As a result, under longitudinal
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excitation (parallel to traffic) column deformations result in double curvature, and
under transverse excitation column deformations result in single curvature or double
curvature as shown in Figure 3.5.

Figure 3.5: Deflected shape of pier column in longitudinal and transverse directions.
The prototype bridge used for this project has a two-column bent in the middle
pier, so the cap beam was designated and designed as a capacity-protected element in
both directions. This approach guarantees the superstructure has enough strength
to remain elastic under transferred forces from the column at the ultimate load level.
The expected nominal capacity and the level in which the capacity-protected element
remains elastic were calculated using moment curvature and finite element analysis
and were compared to the over-strength capacity of the column. This procedure
is suggested by Caltrans, in which the over-strength capacity of the column is the
nominal capacity of the column increased by 20%. Figure 3.6 shows the calculated
over-strength capacity of the column, compared with the capacity of the cap beam
in both directions.
The cap beam and columns form a one-story two-column frame in the transverse
direction. Therefore to make sure the cap remains elastic moment curvature analysis
of the cap beam section was performed and the yielding capacity of the section was
compared with the column over-strength capacity (Figure 3.6(b)). In the longitu-
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dinal direction, however, the problem is more complicated. Since the girder section
is not continuous in the concrete diaphragm, the capacity of the system is less than
that of the girders and deck section. For this purpose the results of the analysis
performed for the development of the connection [7] was used. It should be noted
that in these analyses the column was ignored, therefore, the resulting capacity can
be assumed for the superstructure at the middle pier 3.6(c).

(a)

(b)

(c)

Figure 3.6: Capacity design of Cap-beam (a) Column moment-curvature and calculated over-strength capacity, (b) Bent cap moment-curvature in transverse direction
compared to column over-strength capacity, (c) Bent cap moment-drift in longitudinal direction (from NFE analysis [7]) compared to column over-strength capacity.
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After designing the cap beam and diaphragm based on the capacity approach,
joint shear reinforcement detail of the cap beam (vertical bars (dowel), horizontal
bars, side bars, etc.) were designed and checked according to AASHTO procedures
[54]. The cap beam, designed as a whole, consisted of 8 in. by 24 in. (20.3 cm by
61.0 cm) dropped cap, 19 in. by 24 in. (48.3 cm by 61.0 cm) diaphragm, and 3 in.
(7.6 cm) deck. The final dimensions of the cap beam were 30 in. by 24 in. (76.2
cm by 61.0 cm). The dropped cap section (8 in. by 24 in. section) was designed to
support the weights of steel girders, deck concrete weight and construction loads,
before casting the concrete diaphragm over the pier. Details of cap beam and column
reinforcements are shown in Figure 3.7.
The elements of the SDCL detail for high seismic areas for the test specimen,
were designed based on the suggestions of the previous study [7] and are listed as
following:
• Tie bars between the shear studs on the compression flange Two U-shaped
#3 (φ10 mm) bars on each side of each girder between two 0.75 in.(1.9 cm)
diameter shear studs on each compression flange. The total area of tie bars
was designed based on the numerical work and as explained before.
• Steel blocks at the end of the compression flanges 2 in. by 2 in. by 6 in. (5.1
cm by 5.1 cm by 15.2 cm) steel block welded to the compression flange. The
sizing of these steel blocks was based on previous work for the development of
SDCL detail for non-seismic areas. It was suggested that the steel blocks have
1/6 depth of the girder. The height of the block was slightly reduced not to
obstruct the tie bars. The steel blocks’ dimensions were checked not to yield
under governing live load combination.
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Figure 3.7: Bent cap and column reinforcement details.
• Dowel bars These reinforcements, as mentioned before, are designed for the
torsion and shear in cap beam. The details are shown in Fig. 8 and they meet
the requirements defined by Caltrans.
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• Live load continuity reinforcement The live load continuity is achieved by
placement of the longitudinal (parallel to traffic flow) reinforcement in the
deck and developing them inside the concrete diaphragm. The design of this
reinforcement is based on the negative moment, over the pier, developed by
governing live load combination. For the test specimen, 10 #3 (φ13 mm) bars
were provided in the deck.

3.5

Construction and Material Properties

Following the proposed inverted test setup, the concrete was cast in three stages:
1) casting deck up to the girder flanges, 3 in. (7.6 cm); 2) casting cap beam and
diaphragm up to the column, +27 in. (68.6 cm); and 3) casting the column and
loading cap, +74 in. (188.0 cm). The sequence of construction is shown in Figure
3.8. The specimen dimensions and the constructions steps are shown in Figure 3.9.
In the ABC application of the SDCL system, first a dropped cap beam is placed
over the columns, followed by casting the concrete diaphragm to join the pre-topped
girders over the pier. This two-step process forms a cold joint between two layers of
concrete. Surface preparation in the field is required for the dropped cap beam and
concrete diaphragm to work monolithically. In the construction of the test specimen
the dropped cap beam and concrete diaphragm were constructed in one step (step
2). The constructed test specimen at FIU structures lab is shown in Figure 3.10.
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(a) Before Step 1.

(b) After Step 1.

(c) Before Step 2.

(d) After Step 2.

(e) Before Step 3.

(f) After Step 3.

Figure 3.8: Construction sequence of the test specimen.
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Figure 3.9: Details and dimensions of the test specimen.

Figure 3.10: Constructed test specimen before testing.
Concrete samples were taken during each stage of construction. The concrete
cylinders were tested for compression 28 days after casting and one day after the
completion of cyclic tests. The average concrete compressive strength for construc-
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tion steps 1-3 are presented in Table 3.1. The reinforcing steel used was Grade 60
ASTM A706 bars in three sizes of #3 (φ10 mm),#4 (φ13 mm), and #5 (φ16 mm),
with an average yield stress of 74.0 ksi (510 MPa) and ultimate stress of 102.5 ksi
(707 MPa).
Table 3.1: Component test Material Properties
Concrete strength (psi)

Construction step

3.6
3.6.1

28 days

A day after test

Deck

7287

8504

Cap-beam, Diaphragm

7249

8104

Column

4733

5224

Instrumentation
Load and Displacement

Load measurements was performed by using both load-cells and pressure transducers. Lateral load was measured by eight 50000-lb donut load-cells, 4 for pushing
and 4 for pulling, on the connection of hydraulic jack and the support frame. The
pressure transducers were measuring the oil pressure at both ends of the hydraulic
jack, and the lateral load was calculated with using the measured pressure and the
hydraulic jack cylinder areas. In all the results presentations the load from load-cells
are presented, and the load from the pressure transducers were used as verification.
Axial load was measured by two 50000-lb donut load-cells, one on each rod. A
pressure transducer was also measuring the pressure on the hydraulic cylinders to
verify the axial load.
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The column end displacement was metered by string potentiometers from both
sides of the specimen to have a reliable measurement. To consider for the probable
movements of the specimen during the lateral cyclic loading, two linear potentiometers were used at one end of the specimen to measure the change in the distance
between the specimen and support (Figure 3.11).

Figure 3.11: Locations of potentiometers for displacement and curvature measurements.

3.6.2

Plastic Hinge Curvatures

Rotations of the column section were measured at 3 levels by two linear potentiometers on each level at both sides (Figure 3.11). The differential rotation of each level
were measured with respect to the level below, and the lower level to the cap-beam
surface. The curvature at each level is calculated by dividing the differential rotation
by the distance between levels.
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3.6.3

Strains

During the test, total of 27 post-yield strain gauges were used to measure strains on
the reinforcing steel bars and the girders. Seven strain-gauges were placed on the
column longitudinal reinforcements, 3 on the north side and 4 on the south side, at
various heights to capture the strain profile in the plastic hinge region. Details for
these gauges are depicted in Figures 3.12a.

(a)

(b)

Figure 3.12: Strain-gauges locations in (a) Column, and (b) Dowel bars.
Seven strain-gauges were measuring the strains on the dowel bars at the position
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of assumed diaphragm and cap-beam interface. These strain-gauges are shown in
Figure 3.12b. Two strain-gauges were attached to the tie bars between the compression flanges on the west girders, shown in Figure 3.13b. Strain measurement
on the deck longitudinal reinforcement were done by nine gauges outside the diaphragm, four on south and five on north side of the deck, shown in Figure 3.13a.
Two strain-gauges were installed on one of the girders, on bottom and top flange 12
inches from the diaphragm. It was intended to have symmetrical strain measurement, however due to the construction and casting of concrete, some of the gauges
were disconnected before the test and are not shown in the figures.

3.7

Test Protocol

The specimen was loaded axially through threaded bars as shown in Figure 3.2. This
axial load was kept constant while subjecting the column to displacement-control
cyclic lateral load. The level of axial load applied was about 10% of pure axial
load capacity of column concrete, calculated as P = Ag fc0 . Where Ag is the gross
cross-section area and fc0 is specified concrete compressive strength (taken as 28 days
compressive strength).
The specimen was subjected to cyclic lateral loading in a sequence similar to
Figure 3.14. This pattern was not intended to represent any specific earthquake.
Nevertheless, experiences show that structural elements surviving such loading in
the laboratory tests, while providing set levels of ductility, have provided good
performances during major seismic events.
Displacement-control cyclic loads with increments of first yield displacement, ∆y ,
were applied to the column until failure. The first yield displacement of the column
was calculated during the first cycle, schematically shown in Figure 3.15. In this
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(a)

(b)

Figure 3.13: Strain-gauges locations in (a) Deck bars, and (b) Tie bars.
cycle, the specimen was loaded to about twice the analytical yield displacement.
The first yield displacement was calculated based on initial stiffness and maximum
load applied [59, 60].

44

Figure 3.14: Loading schedule for lateral load.

Figure 3.15: Experimental definition of first yield displacement ∆y .
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Three cycles at each displacement ductility level, multiples of first yield displacement, were applied to the specimen. The loading was stopped when the lateral load
capacity of the column decreased significantly (more than 20%) and failure is observed. Displacement ductility at each cycle is defined by the ratio of maximum
lateral displacement to first yield displacement ∆y (Figure 3.14).

3.8

Observations

The observed damages at the end of each third cycle at different displacement ductility ratios are shown in Figure 3.16. The first cracks were seen during the first
cycle on the column in the plastic hinge region. First signs of crushing in the cover
concrete were also observed during the first cycle. It is believed that this behavior
occurred because the specimen was subjected to load levels causing yielding of column reinforcement during the first cycle to establish the first yield displacement.
Most of the observed cracks were in the plastic hinge region of the column. Cover
concrete started to spall at displacement ductility ratio of 2. The spalling was extended to larger areas on later stages but was limited to the expected plastic hinge
region.
Limited superficial cracking was observed on the cap beam near the column on
both sides. The first crack on the cap beam formed at displacement ductility ratio
of 3. By the end of the test, few cracks were observed on either side of the cap
beam as shown in Figure 3.17. The cracked concrete was removed after the test and
depth of cracking was estimated to be less than 2 in. (5 cm), and was only limited
to the cap beam cover concrete. The main reason for limited cracking in the cap
beam is believed to be a result of scaling. The minimum cap beam width suggested
by Caltrans is 2 ft (0.6 m) larger than column diameter. The scaling down of the
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Figure 3.16: Observed damage in the plastic hinge region at different levels of testing.
connection resulted in a cap beam 0.2 m wider than column diameter. This reduced
width is insufficient for joint shear transfer and thus believed to be the reason for
cracking on the cap beam. During the test, the diaphragm and the deck remained
intact without any visible cracks or yielding.

3.8.1

Mode of Failure

The specimen was able to resist three cycles at displacement ductility ratio of 6. In
the last cycle of displacement ductility ratio of 6, the column longitudinal reinforcement on both sides exhibited signs of buckling. As the testing regime was continued
to displacement ductility ratio of 7, one of the column longitudinal reinforcement
fractured. This reinforcing bar fracture resulted in a 20% strength reduction and
the testing was halted. The hysteresis loops did not show any strength degradation
before the fracture of the bar.
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Figure 3.17: Crack formation on the cap beam.

3.9

Results and Discussion

The resulting lateral load vs. lateral displacement as obtained from testing are
shown in Figure 3.18. The overall behavior of the specimen was symmetrical under
cyclic loading.
The distribution of maximum tensile strains on column longitudinal reinforcement during each displacement ductility ratio is plotted in Figure 3.19. Figure 3.19a
corresponds to strains on the longitudinal bar on the south (right in Figure 3.12a,
which experienced maximum strains in the section. And, Figure 3.19b shows the
maximum tensile strain on the north side. The results are only plotted for four ductility ratios. At higher ductility ratios, the steel strains in the plastic hinge region
exceeded the range of the sensors. It should be noted that the loading direction was
north-south.
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Figure 3.18: Experimental load-displacement response.

(a)

(b)

Figure 3.19: Strain profile in column longitudinal bars (a) south (b) north.
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As shown in Figure 3.19, the strain in the longitudinal reinforcement, within 2 in.
(5 cm) below the cap beam and column interface, experienced strains exceeding yield
strain. However, at about 8 in. (20 cm) below the cap beam face, strains are well
below the yield strain. Higher measured strain inside the cap-beam was expected
due to the conventional detail used for the column to cap-beam connection. This
also explains cracking around the column on the cap-beam (Figure 3.17).
The strain measurements on the vertical legs of closed stirrups within the concrete diaphragm, or as previously referred to as dowel bars, are shown in Figure
3.20. The strains are plotted for all the ductility ratios that the specimen experienced. The maximum measured strain on the dowel bars was about 30% of steel
yield strain, as indicated in Figure 3.20.

(a)

(b)

Figure 3.20: Strain measurement on the dowel (a) south (b) north.
The strain measurements validate the fact that the cap-beam and diaphragm
remained undamaged. The peak strain values increase at higher displacement ductility ratios, which correspond to the extent of cracking in the cap-beam and damage
in the column. Although the cracking in cap-beam was only visible near the column,
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strains on the bars were an indication for micro-cracks in the region. Existence of
these cracks does not contradict the fact that the cap-beam remained protected
because the measured strains are well below the steel yield strain.
Strain measurements on the tie bars showed a gradual increase in the strains
during the test. Maximum strain observed in the tie bars during entire loading cycles
was 0.0003. Comparing the strain measured on the dowel bars (0.0009) and the tie
bars (0.0003) verified the aforementioned conclusion from the numerical results, that
the dowel bars play the main role under along-traffic excitation (reversal loading).
The positive strains on the tie bars correspond to tension forces in these elements.
As anticipated, the steel blocks (Identified as (b) in Fig. 3), which are close to the
tie bars, were not affected in this experiment. These steel blocks are mostly critical
under gravity type loading.
The distribution of maximum tensile strains in the longitudinal reinforcement in
the deck during displacement ductility ratio of 6 is shown in Figure 3.21. As shown in
this figure, the observed maximum tensile strains in the longitudinal reinforcement
was less than 0.1 steel yield strain (about 0.0002). Comparing the flexural capacity
of the column to the flexural capacity of the superstructure, the girders and deck
were expected to be in linear region, and the deck strains verified this fact. The
strain in the deck was correlating with the lateral load applied. The lateral load did
not increase significantly in higher ductility ratios(Figure 3.18), so the measurement
for the last ductility ratio is plotted.
The curvature distributions along the height of the column for different displacement ductility ratios are shown in Figure 3.22. These curvatures were extracted from
the rotation measurements, made using potentiometers attached to the column. The
results, as expected, show higher curvatures close to the cap beam, due to a higher
level of damage in the section.
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Figure 3.21: Strain measurements on deck longitudinal reinforcement.
The column was able to sustain three cycles at displacement ductility ratio of 6
and failed during the first cycle of displacement ductility ratio of 7. Therefore, the
displacement ductility capacity of the column was concluded to be 6 without any
observed strength degradation. Strains in the cap beam, tie bars, and deck show
that the suggested SDCL connection detail remained elastic at ultimate load level.
According to Caltrans seismic design criteria, the superstructure should remain
elastic under demand ductility ratio of 5 for multi-column bents. As the tested
specimen in this research achieved displacement ductility of 6 during the cyclic test,
it can be concluded that the connection elements will perform well and remain
protected during seismic events.

3.10

Conclusions

This chapter presented the details of the component testing performed at FIU’s
structures lab to verify the merits and performance of the suggested detail. The
design approach used was capacity design, where cap beam and superstructure must
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Figure 3.22: Plastic hinge curvature profile.
remain elastic, while plastic hinges are only allowed to form at the end of columns,
during major seismic events. The test specimen was instrumented to measure the
levels of strains in various elements of the detail and verify if capacity-protected
elements remained in elastic region, while the plastic hinge formed at the end of the
column.
Test results verified that the suggested detail is capable of meeting the intents of
capacity-protected design provisions as stated in Caltrans specification. The plastic
hinge formed at the end of the column, as designed. The capacity-protected elements
remained in elastic region, while the column provided a displacement ductility level
of 6 before failing. Failure was by fracture of longitudinal reinforcement in the
column and within the plastic hinge regions.
The next step was conducting the shake table test as a system level testing. The
next chapter provides the detail for shake table testing.
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CHAPTER 4
SHAKE TABLE TESTING
Parts of this chapter was published in a technical paper titled ”Comparative Study
of Cyclic and Shake Table Tests for Simple for Dead Load and Continuous for Live
Load Steel Bridge System in Seismic Area” in Transportation Research Record [61].

4.1

Introduction

The previous chapter described the component testing performed on a scaled specimen. The next step was shake table system level testing to be performed as proof of
concept for the developed SDCL connection. The shake table testing was conducted
at the University of Nevada, Reno and the complete description of the testing is published elsewhere [62–64]. This chapter provides a brief summary of the testing and
results, and focuses on part of the results related to the SDCL connection in the
bridge system. At last, the shake table test results are compared to the component
test.

4.2
4.2.1

Description of Test Specimen and Protocol
Design and Construction

The prototype bridge was the same that was selected for the component test. Therefore, the scaled detail (girder, deck thickness, column section, cap beam section, and
SDCL connection) of the bridge was identical to the component test. The shake
table test specimen was built using ABC techniques. The bridge consisted of pre-

54

fabricated columns, dropped cap beam, steel girders, and deck panels that were
connected using six different connection details as follows:
1. Rebar hinge pocket connection, used for connecting the columns to the footing.
Rebar hinge is consisted of a smaller reinforced concrete section at one end of
a column, which act as pin connection with small moment capacity compared
to the column itself (Figure 4.1). Rebar hinges are generally used in seismic
areas to reduce the demand on the adjacent elements, such as footing or cap
beams [65, 66]. The connection of columns to footing in the specimen was
rebar hinge applicable to ABC, in which the smaller section was cast with the
column and connected to the footing using high strength grout after it was
inserted into a pocket in the footing. The design of the connection was based
on previous studies on component tests on similar connections [67]. The rebar
hinge pocket connection used had 30% moment capacity of the column, and a
1.5 in. gap (throat) for allowing the rotation at the base of the column.

Figure 4.1: Schematic drawing of rebar hinge pocket connection [63]
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2. Grouted duct connection, used for connecting column to precast dropped cap.
The longitudinal reinforcement of the column are partially developed in the
drop cap using high strength grout inside provided ducts. The full development
of these bars will be achieved after hardening of the cast-in-place diaphragm
(top portion of the cap beam) [34, 35]. The column transverse reinforcement
with same ratio as the column was also provided for both portions of the
developed column (inside the drop cap around the ducts, and in the diaphragm
around the bars similar to the column). This concept is schematically shown
in Figure 4.2.

Figure 4.2: Grouted duct connection in a two-stage cap beam [35]
3. SDCL and cast-in-place diaphragm, used for connecting girders to cap beam,
which is the focus of this study and described in detail in previous chapters.
4. Grouted pockets, used for connecting precast deck panels to steel girders.
Rectangular pockets were provided in the precast deck panels to accommodate
clusters of 4 shear studs. The design connections were investigated previously
by various researchers to assure full composite action between the girder and
deck [68, 69].
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5. Ultra-high-performance concrete (UHPC) joints, used between the deck panels. The use of UHPC closure pours between prefabricated systems or elements
have become popular, due to superior mechanical properties of UHPC especially its small required development and splice length [9, 70–72]. In the shake
table test specimen, precast deck panels were used which were connected to
each other using female-to-female transverse joints.
6. Straight continuity reinforcement developed inside UHPC, the top portion of
the cast-in-place diaphragm was cast with UHPC. For ABC application of
SDCL, where the live load continuity reinforcement cannot be placed as one
piece over the middle pier, they need to be developed inside the concrete diaphragm at the critical section. Therefore, these reinforcement are developed
using hooked bars when the prefabricated elements are deck-girder units. In
shake table test specimen as the deck alone was prefabricated, using hooked
bars for the panels close to the pier could have been inconvenient, so straight
bars were used instead. To overcome the small available length for development of straight bars (less than half of the diaphragm width) in the diaphragm,
UHPC was used in the top portion of the diaphragm.
The construction of the specimen was designed to mimic the actual construction
sequence. After placing the prefabricated columns and connecting them to the
footing, the precast dropped cap was placed over the columns. The corrugated
ducts were placed in the dropped cap to host the column longitudinal bars which
are developed inside the cap beam. These bars were partially developed inside the
precast part of the cap beam using grouted duct and full development was achieved
after casting of the diaphragm.
The girders and deck system were constructed (Two superstructure units, one
for each span, consisting of four girders connected to the precast deck panels) before
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placing the girders in place on the dropped cap. It should be noted that, in actual
construction, the deck panels could be placed, and connected to girders and each
other, after placement of the girders in their final location. After placement of
the superstructure and a set of superimposed masses on the superstructure, the
reinforcement detail of the cap beam and the SDCL were completed. The diaphragm
was cast up to the bottom of the deck panel level, and the top portion of the
diaphragm (same thickness as the deck) was cast using UHPC. After the cast-inplace diaphragm (conventional concrete and UHPC) was cured, the second set of
superimposed masses were placed and anchored into the superstructure. Figure 4.3
shows the constructed test specimen before testing.

Figure 4.3: Shake table test specimen before testing.
The integral cap beam was designed for a two-stage construction. The first
stage includes the placement of a precast dropped cap designed to support the
self-weight of the superstructure. At the second stage, concrete diaphragm was
cast, and a combined section acted as an integral cap beam for the service life of
the bridge. The cap beam was assumed to be supported over two 1.22 m (48 in.)
diameter columns. The scaled combined section of the cap beam (including the deck
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portion) was 610 mm (24 in.) by 762 mm (30 in.). The scaled column was circular
with 406 mm (16 in.) in diameter. It should be noted that the prototype bridge
and the test specimens were designed according to AASHTO LRFD bridge design
specification [55], AASHTO guide specifications for LRFD seismic bridge design
[54], and Caltrans seismic design criteria [52].

4.2.2

Differences Between Shake Table and Component Tests

For comparison purpose, the SDCL connection detail was similar for both component
and shake table test. However, there were few differences between the two tests and
are listed as follows:
• The connection between column and cap beam was assumed conventional for
the component testing. This was changed in the shake table testing to facilitate
the use of ABC methods to construct the specimen. Grouted duct connection
was used for the shake-table test.
• The material properties of columns and cap beams were different in both tests.
The steel materials were provided by local vendors and had similar properties.
The specified concrete strength used was similar, however the actual concrete
strength in the column was higher for the case of shake table test.
• The top portion of the diaphragm was cast with UHPC to allow the development of straight live load continuity reinforcement inside the diaphragm in
shorter length. In the component testing, the live load continuity reinforcement was developed inside concrete diaphragm using 90°hooks.
• Smaller bar sizes were used for live load continuity and deck reinforcement in
the shake table test to allow further reduction in the development length for
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the UHPC-filled joints between the deck panels. However, the reinforcement
ratio remained similar for the two tests.
• Bearing elastomer pads for steel girders were used in the shake table testing.
After concrete diaphragm hardening, the steel girders’ ends are restrained by
the concrete and the effect of pads will be negligible.
• The axial load applied to the column were different in both tests. The axial
load indices in the component test and shake table test was about 10% and
5.7%, respectively.
• The negative moment in the superstructure at the middle pier resulted from
the superimposed dead load was different in the two tests. In the component
test, the negative moment was achieved by the weight of the inverted specimen and was slightly different (5%) than the negative moment induced using
superimposed masses in the shake table test.
• The shake table test applied longitudinal and transverse loads whereas the
component test applied longitudinal load only.

4.2.3

Testing Protocol

Bi-directional excitation was applied to the structure through an intermediate pier
of the bridge. The two abutments as assumed for the prototype bridge were simply
supported. Teflon sheets and stainless-steel surface was used to reduce the friction
at the end abutments.Figure 4.5 shows the shake table test setup.
The location based design parameters for the location of the prototype bridge
are shown in Table 4.1[55, 73]. Site class D was assumed for the location to obtain
the design spectrum. Based on the parameters in Table 4.1 the acceleration design
spectrum was obtained and is shown in Figure 4.4.
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Table 4.1: Seismic location based design parameters
Design parameter

Value

PGA

0.45g

FP GA

1.05

As

0.473

Ss

1.083

Fa

1.067

SDS

1.155

S1

0.396

Fv

1.607

SD1

0.637

SDC

D

Ts

0.551

T0

0.11

The 1994 Northridge earthquake acceleration history recorded at Sylmar station
was scaled to the target design earthquake by approximately matching the resulting
peak displacements with design displacement demands [64]. Therefore, the acceleration record was scaled by a factor of 0.6. The resulting response spectrum from
scaled acceleration history in both directions are plotted in Figure 4.4. The major
direction of the acceleration record (with maximum acceleration) is called Sylmar142
and the perpendicular (minor) direction is called Sylmar052 in this figure.
In order to comply to the similitude requirements for the scaled specimen, the
time scale of the acceleration record was squeezed by a factor of 0.592, which is
equal to the square root of the dimensional scale 0.35. The time-scaled record as
described here will be called the target design earthquake (TDE) in this document.
The loading protocol was applied so that different damage states are targeted. The
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Figure 4.4: Acceleration design spectrum and response spectrum for scaled Sylmar
records.
TDE was scaled to 0.3, 0.65, 1, 1.25, 1.5, 1.75, 2, and 2.25 and applied to the bridge
model motion by motion. The major direction of the record was applied in the
longitudinal direction of the bridge and and the minor direction in the transverse
direction simultaneously. Before each run, two sets of random white noises were
applied in two directions to determine the change in bridge dynamic properties
(natural frequencies and damping ratios). The specimen was instrumented with
linear variable differential transformers, accelerometers, strain gauges, and string
potentiometers. In this study, some of the results are presented to evaluate the
behavior of the SDCL connection details used for connecting the girders to the pier.
For a complete description of the shake table testing readers are referred to Ref.
[63].

4.3

Results

The following section provides a summary of general results of the shake table test.
It was intended not to expand on the material published elsewhere by the UNR.
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Figure 4.5: Shake table test setup.
After the completion of the test, the raw data was provided to FIU by UNR. The
data acquisition was at a rate of 256 Hz on more than 300 channels. After closely
looking at the raw data and using Fourier transformation to generate the frequency
ranges of the recorded data, it was concluded that there was a 16 Hz noise on some
of the channels. Therefore, a Butterworth low-pass filter with cutoff frequency of 15
Hz was applied to the data with the noise. The rest of the data was treated with a
50 Hz low-pass filter.
Before each run two sets of white-noises were applied to the structure to determine the dynamic properties of the bridge. However, the amplitude of the motions
were small to prevent any damage to the bridge. Consequently, the resulting responses were not useful in determining the dynamic properties of the structure.
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Table 4.2 summarizes the targeted acceleration and the applied acceleration during each run of the test. As can be seen, the testing equipment was not able to
achieve the targeted acceleration. It should be noted that some of the peaks may
have been reduced by the filtering process. In order to get a better sense of the applied motion, the response spectrum analysis was performed on the recorded motion
of each run for a single degree of freedom structure with 5% damping. The response
spectra are plotted in Figure 4.6.
Table 4.2: Maximum target acceleration and maximum applied acceleration for each
run
Run #
Longitudinal

Transverse

1

2

3

4

5

6

7

8

Target (g)

0.17

0.36

0.55

0.69

0.83

0.97

1.11

1.25

Applied (g)

0.13

0.29

0.38

0.44

0.54

0.63

0.73

0.84

Target (g)

0.11

0.24

0.37

0.47

0.56

0.65

0.75

0.84

Applied (g)

0.11

0.18

0.30

0.41

0.54

0.64

0.74

0.85

(a)

(b)

Figure 4.6: Response spectra for the applied motion in (a) longitudinal and (b)
transverse directions.
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Figures 4.7 and 4.8 show the hysteresis response of the structure (base shear for
one column vs drift ratio) and the envelope response in longitudinal and transverse
direction, respectively. The base shear on each column was estimated by multiplying
half of the superstructure mass by the recorded acceleration at the top of the pier.
It should be noted that, the shear in both columns were not incomparably equal,
since there are imperfections in the system. In general the response of the system
was symmetrical in terms of base shear. Although, in terms of drift due to the type
of the applied motion, the results were skewed to one side in both directions. The
summary of maximum and minimums of the structure’s response during each run
of the test are presented in Table 4.3 and same conclusion can be drawn. Table 4.3
also shows the recorded maximum rotations of the superstructure which signifies
that the columns did not carry same shear forces.

Figure 4.7: Hysteresis response of the shake table specimen in longitudinal direction.
Figures 4.9 and 4.10 show the damage state in the plastic hinges after the 3rd
and 8th run of the test. It can be observed that after the 3rd earthquake motion
which was the design earthquake the structure is in a very goof condition. Only
cracking and minimal spalling are observed in the plastic hinges. At this stage the
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Acceleration
transverse (g)

Acceleration
longitudinal (g)

Rotation (rad)

Residual
drift ratio (%)

Drift ratio
Transverse (%)

-1.0
0.8
-0.5
0.6
0.0
0.0
-0.0003
0.0002
-0.22
0.20
-0.15
0.17

max
min
max
Longitudinal
Transverse
min
max
min
max
min
max

1.0

Drift ratio (%)
Min

30

Design Level Earthquake (%)

Drift ratio
longitudinal (%)

1

Run #

0.31

-0.29

0.30

-0.32

0.0002

-0.0012

0.0

0.0

1.6

-1.9

1.8

-2.0

2.4
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2

0.30

-0.26

0.36

-0.33

0.0014

-0.0012

0.0

0.1

1.8

-2.0

3.5

-2.8

3.6

100

3

0.27

-0.27

0.38

-0.27

0.0023

-0.0009

0.1

0.6

2.1

-2.4

5.0

-2.7

5.1

125

4

0.26

-0.29

0.37

-0.30

0.0033

0.0003

0.2

1.3

2.4

-3.1

5.8

-3.3

5.8

150

5

0.24

-0.28

0.37

-0.30

0.0031

-0.0004

0.2

1.8

3.0

-3.7

6.1

-4.1

6.1

175

6

Table 4.3: Summary of specimen response from shake table test

0.22

-0.28

0.35

-0.31

0.0021

-0.0025

-0.2

1.9

3.2

-4.4

6.0

-5.0

6.0

200

7

0.20

-0.28

0.31

-0.31

0.0013

-0.0045

-0.9

1.9

2.8

-5.4

5.7

-5.8

6.9

225

8

Figure 4.8: Hysteresis response of the shake table specimen in transverse direction.
superstructure was almost intact. Figure 4.11 shows hairline crackings in the deck
at the UHPC and deck panels interface occurred after the design earthquake (run
#3). The test was finished after observing crushing of column core concrete and
buckling of the column longitudinal reinforcement (Figure 4.10). At this stage there
were very few cracks in the protected element (superstructure and cap beam), as
can be seen in the Figure 4.12.

4.4

Comparison and Discussion

The maximum drift ratios achieved during the component test and the shake table
were 7.4% and 6.9%, respectively. During the component testing, the damage and
cracks were mostly limited to the plastic hinge region in the column, however, few
cracks were observed on the cap beam close to the column. On the other hand,
during the shake-table testing the extent of cracking observed in the cap beam and
superstructure was very minimal. This difference in the behavior and damage extension can be attributed to the loading protocol. In the shake table study, an
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Figure 4.9: Damage state of plastic hinges after run 3.

Figure 4.10: Damage state of plastic hinges after run 8.
impulsive near-fault ground motion (Sylmar record) was applied to the specimen,
therefore the maximum drift ratios have reached momentarily whereas during the
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Figure 4.11: Minimal cracking observed in the deck.

Figure 4.12: State of cap beam after last earthquake motion.
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component testing three cycles at each displacement level were applied to the column. Applying number of large drift ratios to the column may have resulted in
more cracking in the cap beam near the column.
This discrepancy can also be attributed to the aforementioned differences in
connection of column to cap beam. In the shake table specimen, the column was
connected to the cap beam using high strength grouts, which significantly can reduce
the stresses in the rebar due to its higher modulus of elasticity, and, consequently
reduce the damage in concrete.
Figure 4.13 shows the load-drift curve for both tests in the longitudinal direction (along traffic direction). The load in the shake table test represent the base
shear calculated at a column base, based on the measured acceleration at the deck
level multiplied by the total mass of the structure (including superstructure, cap
beam, half the columns, and the superimposed masses) divided equally between
two columns. The load in the component test is applied in the same direction at
the top of the column. As shown in the figure, the total load in the column varies
slightly between the two tests, although the column geometry and reinforcement
were identical.
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Figure 4.13: Base shear/ Lateral load vs drift diagram for the two tests.

Figure 4.14: Moment-curvature plots for shake-table test and component test column section.

Several reasons may be attributed to this observation. First, due to the nature
of ground motion, the excitation was unsymmetrical; therefore, the damage in the
plastic hinge would be unsymmetrical. This can also be observed in the residual
displacement at each run presented in Table 4.3. Second, the base shear was calculated assuming equal distribution of the load between the two columns, which may
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be unlikely due to extensive damage occurred at the rebar hinges (in early stages of
the test), unsymmetrical damage in plastic hinge (at later stages), and the observed
rotation of the superstructure (Table 4.3). Lastly, as stated in the last section the
axial load applied to the columns was different, therefore the shake table column
was expected to resist smaller lateral loads.
Figure 4.15 shows the normalized strain (measured strain divided by yield strain)
profile in one of the column longitudinal bars for both tests. The chosen bar was
located so that it resulted in maximum strain under the longitudinal component
of the excitation. The intent of the design was to have capacity protected cap
beam, therefore the strains inside the cap should not exceed the steel yield strain.
However, this is inevitable for column longitudinal bars which are expected to yield
extensively at plastic hinge regions. As can be observed, the strain values hardly
reach the steel yield strain about 8 in. inside the cap beam.
By comparing damages for both tests in Figure 4.10 and 3.16, the shake table yielded smaller plastic hinge length when compared with the component test.
This difference in the damage type and length have resulted in a more distributed
plasticity in the component test’s column and consequently lower strains in the longitudinal bars. As can be observed, the strain values are higher at the interface of
the precast column and precast cap beam, this is also evident in the extent of concrete crushing at this location (Figure 4.10). Another reason that may have caused
this discrepancy is the difference in the compressive strength of the concrete used in
two tests; the compressive strength of the column in shake table test (64.0 MPa, 9.3
ksi) at the time of the test was about twice of the concrete used in the component
test’s column (32.4 MPa, 4.7 ksi). The larger concrete compressive strength results
in higher neutral axis in the section and larger strains in tension steel.
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Figure 4.15: Strain profile comparison in the column plastic hinge
Figure 4.16 compares the maximum strains developed in various monitored element against drift ratio for both tests. The values plotted in Figure 4.16a for shake
table test are the first-time occurrence of strain values for the longitudinal drift of
the structure. Figure 4.16b shows the measured strain for the second cycle of 7.4%
drift (maximum applied displacement) for protected elements, and the second cycle
of 4% drift ratio for the column strain gauges, in the component test. The strain
measurements were not available for the same drift level; however, the strains in
the column plastic hinge were expected to exceed the steel yield strain significantly
even for earlier stages. The gauges with the maximum recorded strain were chosen
for these plots. For the two tests, the strain in the protected members (deck, cap
beam, connection) remained well below the steel yield strain confirming a successful
design of SDCL in seismic regions.
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(a)

(b)

Figure 4.16: Strain comparison for both tests a) First-time occurrence of strain
vs longitudinal drift in shake table test, b) Strain measured for a cycle vs drift in
component test.
Figure 4.17 compares the maximum strains in each capacity protected component in both tests. In this figure, the strain results are plotted against the base
shear/lateral load since these components remained elastic and the strain corresponds to the force rather than drift. Therefore, the reported values correspond to
the load/excitation applied to the specimens. In all the strain measurements, the
values were offset to zero at the start of the tests. The difference negative moment
at the middle pier between the two tests, would result in small difference in the
captured response.
Figure 4.17a shows the hysteresis strain in a tie bar, which experienced the maximum strain, for the shake table test and the strain for a cycle of the corresponding
tie in the component test. The recorded strains for the tie bars are very small
(< 0.05y ) in both the tests. The slopes in the dashed lines (shake table test) are
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(a)

(b)

(c)

(d)

Figure 4.17: Comparison of strain measured in main components of connection and
cap beam between the two tests (a) Tie bars (b) Dowel bars (c) Live load continuity
bars (d) Cap beam longitudinal bars.
similar to that of the solid bar (component test); however, the difference in the peak
values can be attributed to the bi-directional excitation and displacement in the
transverse direction. Under the transverse excitation in a two-column bent, some of
the girders might experience uplift from the bent. As concluded from the numerical
analysis (6, 7), the tie bars are mostly affected under uplift and push up forces and
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this observation supports this conclusion. Another observation is that the ties are
mainly in tension because under compression forces the steel blocks contribute to
the force transfer. Also, the position of the bars is symmetrical and drift in both
directions will result in a similar response. This can be clearly observed by the solid
line.
Figure 4.17b presents the strain in live load continuity bars in the deck against
the longitudinal base shear/lateral load. These results are very similar to tie bar
results in Figure 4.17a and similar conclusions can be drawn. The only difference
is the strain values for the deck bars are not symmetrical against load, since the
measurements were taken on one side of the structure. In the shake table testing,
UHPC was used for the development of the live load continuity bars, and smaller
bar sizes were used. These may affect the behavior of the structure at the ultimate
level under gravity type loading, however, under earthquake excitation the effect is
insignificant.
The strain induced on the steel girders due to the excitation/cyclic loading were
very small and similar to the deck reinforcement results, therefore they are not
presented herein. It is worth noting that, the elastomeric bearing pads used in the
shake table, contribute only before hardening of the concrete diaphragm. At the
testing stage (service life), the movement of the girders at the intermediate pier is
restrained by the hardened concrete. This was observed during the shake table test
as well.
The loading on the bridge in the shake table test was bi-directional with larger
acceleration in the longitudinal direction. There was no vertical excitation applied
to the bridge model. Also, the loading in the component test was only in the
longitudinal direction. Therefore, as concluded from the numerical analysis, the
main load-carrying elements in the SDCL connection were the dowel bars. This was
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observed in both tests as the dowel bars experienced larger strains compared to the
other components of the connection (e.g. tie bars and deck bars) (Figure 4.17). The
results presented in Figure 4.17c are the hysteresis from the strain gauges mounted
on the dowels closest to the column on two sides of the bridge compared to the strain
from the same bars in the component test for 2 cycles (one with 4% drift ratio and
one with 7.4% drift ratio). The results of these strains match very well between the
two tests; however, the peaks are smaller in the shake table test results because the
strain of elastic members correspond to the load and the shake table test columns
sustained smaller loads as explained before.
It should be noted that in Figure 4.17, the comparison of strains versus load/base
shear was performed between shake table test and component test. As the loading
protocol was different between the two tests, comparison of local results was performed based on the load/base shear. The elements compared here are remained
elastic and the demand on these elements are defined by the load that was induced
in the structure and not the displacement or drift that was applied. Therefore the
difference in the loading protocol does not affect the demand on the connection
elements that were studied in this figure.
Figure 4.17d shows the hysteresis curve for strain in two of the cap longitudinal
reinforcement versus the base shear of a column in the transverse direction. The
corresponding strains were not measured in the component test since it was not of
interest. Nevertheless, these values are an indication that the cap beam remained
protected and undamaged, which is supported by visual inspection during each test.
This study was aimed at the SDCL connection used in the construction of the
bridge model and as explained before, five different connections were used along
with studied detail. The behavior of the other connection details on the behavior of
the specimen and the SDCL connection might be of interest. The connections which
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were close to the SDCL detail and may have an affect on the performance of the
studied connection were the grouted duct connection of column to the dropped cap
and the UHPC used on top of the diaphragm. As discussed before, the strains in the
deck was well below the yield strain and therefore the UHPC portion of diaphragm
remain undamaged. Although the construction process was changed in this case but
this difference does not affect the response of SDCL connection. The grouted duct
connection however might have an affect on the development of the plastic hinge
and strains in the column longitudinal bars, which was discussed hereinbefore.

4.5

Conclusion

This chapter described the shake-table test, which were conducted as proof of concept for a seismic SDCL connection detail for steel bridge system. The results of
the experiment were compared to the earlier component test in terms of global
load-displacement response and local strain results. The following conclusions and
observations can be drawn from this comparison.
• Despite the differences in construction methods and material properties used
for component and shake table testing, no significant differences were observed
in the global and local response of the connection.
• The SDCL connection detail developed using numerical analysis was proven
to behave satisfactorily under both quasi-static cyclic load and earthquake
excitations. Yielding of SDCL components may compromise the cap beam as
capacity protected element which did not occur in both tests.
• The strain in the protected elements of the connection and cap beam remained
under the yield limit.
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• The girders may experience push up and push down type of forces under transverse (perpendicular to traffic direction) displacement and excitation. This
results in higher strains in tie bars and deck live load continuity reinforcement
than expected values taken from the component testing.
• The dowel bars are the main load-carrying elements under longitudinal (along
traffic) loads in the developed SDCL connection. They remained elastic and
strain measurements were well below the yield limit.
• The dowel bars were designed according to the current seismic design specifications and the results were satisfactory in both tests conforming to the
capacity design philosophy.
Although component testing was only performed in the longitudinal direction
of the bridge, the shake table study showed the system performs adequately under
combined longitudinal and transverse excitation. Using the available test results
and validating numerical models, the next chapters presents parametric studies to
better comprehend the behavior of the connection for various cases.
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CHAPTER 5
NUMERICAL ASSESSMENT OF SDCL FOR SEISMIC REGIONS

5.1

Introduction

The previous chapters explained a series of experimental programs aimed at the
evaluation of the developed SDCL connection for seismic areas. The development
of the SDCL connection for seismic areas was originally performed by finite element analysis [7]. This chapter provides a set of numerical analyses to examine
the connection under aspects that were not covered in the previous numerical and
experimental program.
One of the deficiencies of the previous numerical analysis was considering the
connection (diaphragm) alone and not as part of a system. In the previous study,
the bottom portion of the diaphragm was assumed fixed (without a column). This
assumption was necessary to evaluate the limit states of connection because in this
case, all the non-linearity occurs in the connection area. But, when in a frame
system (i.e. in an integral cap with columns) the types of loads applied to the
connection may differ. Also, the diaphragm is placed on a drop cap which is usually
smaller in size compared to the diaphragm and has lower stiffness as opposed to the
fixed assumption under the diaphragm.
The two-stage constructed cap-beam which is integral with the superstructure
will be capacity protected and damage should occur in the columns under seismic
excitation. This effect was partially examined during the two experimental programs
explained before. However, all the possible loading scenarios were not applied to
the connection. Among which the effect of vertical and transverse (perpendicular
to traffic) excitation can be named.
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In order to cover these aspects in this research, first, a series of models were
developed to validate the assumptions and definitions used in the analyses. These
models were compared with available experimental data from non-seismic tests performed at UNL. Next, a full-scale bridge prototype was designed for a seismic region.
The SDCL connection detail was designed based on the previous findings. Then the
full-scale bridge was modeled using the validated assumptions and definitions. A
series of analyses were performed on the full-scale model with various boundary
conditions and loading scenarios. Finally, the proposed connection was re-evaluated
based on the findings of these analyses.

5.2

Model Assumptions and Definitions

This section provides an overview of the material models, element types, and interactions used in the numerical analysis. The numerical analysis was performed in
ANSYS finite element package [10].

5.2.1

Steel Reinforcement

The non-linearity in the steel reinforcement was modeled using a bilinear isotropic
hardening material model. Isotropic hardening results in uniform expansion of the
yield surface due to plastic deformation. The material definition is by an initial yield
surface (in terms of yield stress) and a tangent modulus for the post-yield behavior.
The defining parameters of the material properties for the steel reinforcement are
provided in Table 5.1. The steel material used in all the experiments used for
validating the material models was grade 60 ASTM A706 reinforcing steel, which
has 68 ksi expected yield stress. The value used in all models was an average taken
from all tests about 70 ksi. Small changes in the yield stress of steel result in minimal
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changes in the load-deflection response of the structure, however, the mode of failure
and progress of the damage remains unchanged.
Table 5.1: Material definition of steel reinforcement
Parameter

Value

Modulus of elasticity (ksi/MPa)

29000/2e5

Poisson ratio

0.3

Yield stress (ksi/MPa)

69.6/480

Tangent modulus (ksi/MPa)

478.6/3300

The reinforcement bars were modeled using 3D discrete reinforcing elements
(REINF264) available in ANSYS mechanical [74]. This element type uses a 3D
base element and defines a reinforcing fiber with respect to the base element’s coordinates. The reinforcing element has uniaxial properties (similar to links or truss
elements) however shares the same nodes as the base elements. A schematic of the
reinforcement element for an 8-node base element as defined by ANSYS is shown in
Figure 5.1.

Figure 5.1: Schematics of 8-node REINF264 element in ANSYS [74]
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5.2.2

Steel Girders

The material model used for steel girders was the same as the steel reinforcement.
Bilinear isotropic hardening material with property definition as shown in Table 5.2
was used for all the models. The steel plates and I-girders used in all tests performed
at UNL were grade 50 ASTM A709. Similar material models were used by Farimani
[39] for developing numerical models for the non-seismic test specimens.
Table 5.2: Material definition of steel girders
Parameter

Value

Modulus of elasticity (ksi/MPa)

29000/2e5

Poisson ratio

0.3

Yield stress (ksi/MPa)

53.7/370

Tangent modulus (ksi/MPa)

246.6/1700

Webs and flanges of the steel girders were modeled using 8-node solid-shell elements (SOLSH190, shown in Figure 5.2) [74]. These elements have 3D geometry
and shell formulation. Although the plate girders can be modeled using solid elements, solid-shell elements were used to better observe any bending in the plates,
especially for the connection region where the concrete and steel are interacting.
Utilizing solid-shell elements, as they have 3D geometry, enables definition contact
properties between steel (solid-shell) and concrete (solid) elements. Previously, Farimani [39] had used 2D shell elements for defining the steel plate girders which
requires complete embedment of the shell inside the concrete diaphragm.

5.2.3

Normal Strength Concrete

Coupled damage-plasticity microplane model developed by Zreid et al. [75–77] and
implemented by ANSYS [74], was used for concrete material definition. The model’s
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Figure 5.2: Schematics of 8-node SOLSH190 element in ANSYS [74]
parameter to define the normal strength concrete was calibrated first using smallscale material tests. The gradient enhanced material model is not mesh-sensitive
therefore can be used for modeling small-scale material tests. Table 5.3 provides
the list of parameter definitions for the model. The microplane material model is
compatible with an 8-node 3D solid element (CPT215) which was utilized in this
research’s analyses.
The small-scale models were not intended to resemble any material tests therefore
were made in the shape of cubes with simple equilateral hexahedral mesh. The
results of the small-scale models in compression were compared with material models
presented in Collins and Mitchel [78]. Figure 5.3 shows the compressive behavior of
the concrete material define with parameters of Table 5.3. As can be seen in Figure
5.3, the compressive strength of the modeled cube is slightly less than the defined
compressive strength. It was found that the resulting compressive strength was
about 9% less than the defined value. It should be noted that the defining properties
of concrete compression did not differ significantly from existing literature [77], and
the purpose of the modeling was to double-check the concrete material response.
The behavior of concrete in tension after cracking is one of the important aspects
of numerical modeling. The importance of such property owes to the convergence of
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Table 5.3: Material definition of normal strength concrete (fc0 = 35MPa)
Parameter

Value

Modulus of elasticity (MPa)

25000

Poison ratio

0.2

Uniaxial compressive strength (MPa)

35

Biaxial compressive strength (MPa)

40

Uniaxial tensile strength (MPa)

3.5

Intersection point abscissa between compression cap and
Drucker-Prager yield function (MPa)

-40

Ratio between the major and minor axes of the cap

2

Hardening material constant (N2 /mm4 )

4e4

Tension cap hardening constant

1

Tension damage thresholds

0

Compression damage thresholds

2e-5

Tension damage evolution constants

4000

Compression damage evolution constants

2500

Nonlocal interaction range parameter (mm2 )

1000

Over-nonlocal averaging parameter

2.5

the numerical solution. The actual behavior of concrete after cracking is a sudden
drop to zero stress. However, such property cannot be easily used in a numerical
analysis will usually result in convergence issues especially in large models with
many non-linear effects. In the case of reinforced concrete, the tension stiffening
will provide a better solution, especially for a finite element model. For instance,
when an element reaches the cracking stress, if the stress changes to zero, all the
steel in a length (length of the element) will take the load and this is not the exact
representation of the cracked reinforced concrete; The steel is usually taking smaller
stresses between the cracks and uncracked concrete carries a portion of the load.
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Figure 5.3: Comparison of the stress-strain curve from numerical model with Collins
and Mitchell [78].
Therefore, the softening portion of the tension stress-strain curve is usually defined
as a gradual drop in stress. The defining parameters for concrete tension were taken
from literature which was calibrated using experimental data [77].
These conclusions were extended to the concrete definition in all the models.
The only differences were the compressive and tensile strength of the concrete. The
values were taken so that the resulting material model matches the material tests
performed during the experimental programs.

5.2.4

Steel and Concrete Connection

There were several interactions considered between the steel and concrete. The process of choosing the interaction type between steel and concrete was iterative trial
and error. The steel plates were modeled using 3D elements, as opposed to 2D shell
elements that were utilized by previous researchers [7, 39, 40], therefore the con-
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tact between steel and concrete could be modeled explicitly. In this study, contact
(CONTA174) and target (TARGE170) elements from ANSYS were used to define
various connection behaviors (frictionless, frictional, and bonded) between concrete
and steel surfaces that were in contact. From the analysis that was performed on
large-scale models of non-seismic SDCL connection detail,which are presented herein
after, it was concluded that the interaction between steel plates and concrete will
result in variations in the response. The results of the analysis and conclusions on
the contact types are explained in this chapter.
The modeling of shear studs and connection of steel girder to deck has been
studied by many researchers [39, 79], e.g., during the non-seismic evaluation of the
SDCL connections. In cases where the global behavior of the system is of interest
and sufficient shear studs for the composite action is provided, the modeling of the
shear studs is not required and will not affect the results. In these cases, the studs
remain in the elastic region and the interface remains intact. For modeling purposes,
the concrete and steel are tied at the intersecting nodes, or a bonded interface is
defined. The bonded interface uses similar contact and target element types as
frictional contact, but in a bonded interface, no sliding or separation is allowed.
In the numerical analysis performed in this study, the composite action between
concrete and steel was achieved by defining a bonded interaction between the top
of the steel girder and the concrete deck. The main reason that bonded interface
was selected instead of tied or merged nodes was to facilitate the meshing process.
In order to use tied or merged nodes, the nodes of the steel and concrete bodies
should coincide and this would make the meshing process complicated especially for
3D shell elements of steel.
The connection of the steel plates and concrete at interfaces without shear connectors was modeled using a range of frictionless to bonded behavior to see the best
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responses in the first set of validation models. It was concluded that a frictional
contact will result in a close representation of the actual behavior. The frictional
contact ensures local opening (separation) of smooth steel plates and concrete if
subjected to tension. The effect of the friction coefficient used was found to be
insignificant. As the steel girder is embedded inside the concrete diaphragm, it does
not have room for sliding and slippage. Therefore, the friction coefficient will not
affect the results significantly. A lower bound friction coefficient was chosen to have
possible sliding between surfaces.
As explained before, the reinforcing steel bars were modeled using reinforcement
elements inside the base concrete elements. The behavior of these elements is completely bonded with the base material. The deformation of the concrete element will
define the deformation of the 3D steel reinforcement element which is translated to
a 1D uniaxial behavior.

5.3

Validating the Numerical Models

The assumptions and material models described above were implemented in a series
of analyses to examine the validity of the models. For this purpose, three test experiments were chosen with various boundary conditions, connection details, loading
scenarios, and failure modes. The selected experiments were non-seismic Test 2,
Test 3 [39], and Test 4 [40] which were performed at UNL. These experiments were
selected mainly to capture the non-linear behavior of the SDCL connection in the
diaphragm.
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5.3.1

Non-seismic Test 2

This test was one of the first experiments performed on variations of girder-end
detail to develop the SDCL connection. The girder-end detail in this experiment
was I-girder without any modification as shown in Figure 5.4. The test specimen
consisted of a non-integral diaphragm and deck girder system cantilevered on both
sides. The diaphragm and steel girders were simply sitting on an elastomeric bearing
pad. Loading was applied downward at the cantilever ends of the specimen. A
schematic of the test specimen is shown in Figure 5.5.

(a)

(b)

Figure 5.4: Test 2 of non-seismic SDCL development (a) schematic view (b) girderend detail [39].
A half model of the specimen was made using ANSYS finite element package.
To reduce the computation time, the symmetry plane in the middle of the specimen
was used (Figure 5.6). To further reduce the numerical intensity, a portion of the
length of the girder and deck were modeled using an elastic beam. Average size
of 50 mm to 100 mm was used to mesh the model. The meshing size was iterated
to capture any mesh sensitivity of the model. Figure 5.6 shows the meshed model
(100 mm mesh) with the loading and boundary conditions. This figure also shows
the displacement control loading is applied remotely at a distance from the end
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Figure 5.5: Schematic view of the test setup used for Test 2, Test 3, and Test 4 [39].
surface of the girder and deck (yellow arrow). The remote displacement has a beam
property with stiffness equal to the girder deck system. The girder detail in this
model is shown in Figure 5.7.

Figure 5.6: Mesh, boundary conditions, and loading in the numerical model of Test
2.
The global and local numerical results were compared with the experiment. The
general mode of failure and the load-displacement curve were some of the global
responses that were compared. Figure 5.8 shows the load-displacement curves for
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Figure 5.7: Girder detail in the numerical model of Test 2.
three mesh sizes of 50 mm, 75 mm, and 100 mm, compared with the curve obtained
from Test 2 [39]. As can be seen in this figure the mesh size has an insignificant
effect on the load-displacement curve. This is mainly due to the mesh insensitive
material models used for concrete. Although small differences may be attributed to
low-quality elements formed at the end of the girder due to complex geometry. In
the models with smaller meshes, the elements in this region have better quality and
aspect-ratios.
Another aspect that was investigated during the validation process using the
Test 2 specimen, was the interaction between the concrete and steel. The interaction
assumed and was available in ANSYS, were a range of frictionless with no bond,
frictional with various coefficients, and fully bonded. Although this range does not
cover adhesive behavior, it provides a basis for comparison. In general, a weak
adhesion is formed between steel and concrete and can be neglected. It should be
noted that the connections of steel at locations where shear studs are present was
considered fully bonded as suggested by previous researchers [39, 79].
Figure 5.9a shows the comparison of global responses of Test 2 specimen for
various types of interaction between steel and concrete. A range of various friction
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Figure 5.8: Load-displacement curves obtained from models with various mesh sizes
compared with Test 2 experiment.
coefficients from 0 (frictionless) to 0.5 was examined. The general behavior of the
model was similar in all cases. It can be concluded that the frictional behavior
does not affect the behavior of the model. However, when separation and sliding
are not allowed (the case of bonded behavior) the response of the model changes
significantly. This behavior was only investigated in this set of models (for Test 2)
and for the rest of the models, frictional contact with a lower bound coefficient of
0.2 was assigned.
As can be observed from Figure 5.9a, the bonded interaction between concrete
and steel causes erroneous results. When the steel plates are considered bonded
to the concrete, especially at the end of the bottom flange, a larger region of the
concrete is contributing to the load transfer, therefore the concrete crushes in later
stages. This behavior can also be observed in Figure 5.9b, where the penetration of
the bottom flange inside the concrete diaphragm is plotted against the displacement
of the cantilever end of the girder. The change in the slope of this graph indicates
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(a)

(b)

Figure 5.9: (a) Load-displacement response of models with various interactions compared with experiment (Test 2). (b) Penetration of bottom flange inside concrete
diaphragm obtained from numerical models of Test 2.
the onset of crushing and penetration of the bottom flange in the concrete. The
stresses at the onset of crushing in the concrete are shown in Figures 5.10. This
figure also shows how a larger region is contributing to the load transfer when bonded
interaction is defined between concrete and steel.

(b)

(a)

Figure 5.10: Maximum compressive stresses at the onset of crushing for model with
(a) friction coefficient of 0.2 and (b) bonded interaction between concrete and steel
for numerical models of Test 2.
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Finally, for the model with a mesh size of 75 mm and coefficient of friction of
0.2, to compare the local results, the strains in the deck bars in the middle of the
concrete diaphragm were measured at the onset of yielding. The corresponding
results reported by Farimani [3] are compared with these results and are shown
in Figure 5.11. Figure 5.11 shows a good agreement between the numerical and
experimental results. Another local result that was reported by Farimani [3] was
the penetration of bottom flange inside concrete measured after failure which was
about 38 mm (1.5 in.). The measured value from the models was about 18 mm
(0.73 in.) at 100 mm displacement. It should be noted that the models were not
run to failure due to convergence issues.

Figure 5.11: Comparison of strain in deck bars at the onset of yielding for numerical
and experimental results (Test 2).
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5.3.2

Non-seismic Test 3

The girder end detail in the third specimen tested as part of the SDCL development
for non-seismic areas [39], was an end-plate with dimensions of the girder welded
to the end of the girder. The girders were simply resting on an elastomeric pad,
and concrete was poured in the in the diaphragm section (Figure 5.12. In this
detail, the distance between the girders is filled with normal strength concrete and
therefore will provide large tolerances in the construction. However, the experiment
performed on the test specimen resulted in undesirable failure modes. The concrete
between the end-plates (near the bottom) had crushed prematurely during the test.
However, this experiment will provide an opportunity for validating the numerical
models in this study.

(a)

(b)

Figure 5.12: Test 3 of non-seismic SDCL development (a) schematic view (b) girder
end detail [39].
Similar to the previous section a half-model of the specimen was created in
ANSYS. All the assumptions and conclusions of the previous section (Test 2) were
propagated into this model. The meshing was performed with an average size of 100
mm to reduce computation intensity. The boundary conditions and loading were
similar to the Figure 5.6. The steel and concrete interactions were also as described
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before. Bonded behavior was considered for the girder to deck at the location of
shear connectors. Friction contact with a coefficient of 0.2 was considered for other
locations. Figure 5.13 shows the girder detail in this model.

Figure 5.13: Girder detail in the numerical model of Test 3.
The global and local behavior were compared between the reported results from
the experiment and calculated from the numerical analysis. Figure 5.14a shows the
comparison of the load-displacement curve between the experiment and numerical
analysis. Figure 5.14b shows the penetration of the bottom flange inside the concrete
diaphragm versus the applied load. And Figure 5.14c shows the comparison of strain
measured at two locations inside the concrete diaphragm between the experiment
and numerical analysis. All these results validate the capabilities of the developed
models in simulating the structural behavior of the tested connection.

5.3.3

Non-seismic Test 4

Although the final detail for the SDCL connection for non-seismic areas included an
end-plate and steel block for continuity of the bottom flange, a fourth experiment
was performed [40] with detail similar to Figure 5.15, which did not include an
end-plate. This experiment was intended to evaluate the accelerated construction
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(a)

(b)

(c)

Figure 5.14: Comparison of (a) Load-displacement curve, (b) Penetration of bottom flange inside concrete diaphragm, and (c) Strain measured inside concrete diaphragm, between the numerical and experimental results for test 3.
feasibility of the connection. One of the aspects of this connection that was different
from the Test 1 (Figure 2.4), was the continuity of the bottom flanges. In the first
specimen, the bottom flanges of the adjacent spans were connected using a continuity
plate with the dimensions of the bottom flange and welded together. In the fourth
experiment, the plates were larger than the bottom flange, however, they were not
welded to each other. These plates (or steel blocks as referred to before) were simply
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touching each other and were provided to transfer the compression loads only. This
connection detail is a better representative of the final SDCL detail for non-seismic
areas. Therefore, out of the first and fourth experiments only the latter was chosen
as part of the validation process.

(a)
(b)

Figure 5.15: Test 4 of non-seismic SDCL detail for ABC application (a) schematic
view (b) girder end detail [40].
The modeling for this experiment was similar to the previous two models. Figure
5.16a shows the girder end detail. The boundary condition was similar to the other
models, with a small difference at the steel block location. The boundary condition
for steel block at the symmetry level was chosen to be compressive only. It should
be noted that the blocks from the two girders are touching and can only transfer
compressive forces. Another aspect that was different in this experiment was the
placement of a group of shear connectors at the top of the web inside the concrete
diaphragm. These connectors were modeled explicitly using beam elements as shown
in Figure 5.16a.
Figures 5.17a show the comparison of local and global results of the experiment
versus the numerical modeling. The load-displacement curves reported [40] were
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(b)

(a)

Figure 5.16: (a) Girder detail in the numerical model of Test 4. (b) Shear connectors
modeled on girder’s web
from the axis origin and the unload curves were not reported. However, in Figure
5.17a the curves for the second and third loading step were offset to better represent the push-over behavior of the specimen. Unlike the previous experiment, the
movement of the girder inside the concrete diaphragm was measured at top of the
web. The bottom flange was not expected to move significantly as the two girders
were touching at the location of the steel block. The comparison of the opening
of the top of the web is shown in Figure 5.17b. It is speculated that the reported
results are from the first loading step as the level of loading is lower than the load
measured in the ultimate step. However, a good agreement between the numerical
results and the experimental measurements is observed.

5.4

Full-scale SDCL Models

In this section, the validated models with assumptions explained above were used
to predict the behavior of the full-scale connection detail for seismic areas. As all
the experiments performed on the developed connection were on scaled models of
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(a)

(b)

Figure 5.17: Comparison of (a) Load-displacement curve, (b) Opening at top of the
web in the diaphragm, between the numerical and experimental results for test 4.
the bridge components and system, this step was deemed necessary to ensure the
reliability of the connection detail.
A prototype bridge was selected with plate girders from the FHWA design examples [80] and redesigned for a high seismic area of the country. Then, the connection
detail was designed and detailed for the governing load cases. The numerical models of the bridge were then subjected to 4 types of loading including push-down,
push-up, moment reversal, and transverse loading. The responses of the models
were compared to the load cases and conclusions were drawn on the behavior of the
connection detail.

5.4.1

Design of the Full-scale Bridge

The selected bridge was a two-span with 100 ft each span. The bridge was designed
using hand-calculations and LEAP Bridge software with the assumptions of the
SDCL steel bridge system. This section provides the methodology and assumptions
used for the design of the prototype bridge.
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Girders and deck
The AASHTO [55] procedures were used for designing the superstructure for positive
and negative sections, similar to the FHWA design example [80]. The dead loads
on the structures (DC1, DC2, DW) were calculated manually using an spreadsheet
at every 10 ft. The live load was estimated using LEAP Bridge Steel software,
by assuming continuous girders applying the AASHTO lane, tandem, and truck
loadings. The positive and negative section of one girder with the tributary deck
was checked with the factored load for specified load cases from AASHTO.

Middle pier and cap beam
The column and cap-beam were designed in two steps. The first step was the design
of the drop-cap and was performed in LEAP Bridge Steel software by assuming
simply supported spans. In this step, the loading applied was only the dead-loads.
The section of the drop-cap had 0.61 m (2 ft) height and 1.83 m (6 ft) width.
The full section of the cap beam was 1.83 m (6 ft) by 1.83 m (6 ft). This was first
designed and checked with LEAP Bridge Steel software assuming continuous girders.
This step was mainly used for the strength design of the cap beam, however, the
software did not have the capability to model integral cap beams. To overcome this
issue and also for the seismic design of the pier columns, a set of models developed
in LEAP Bridge Concrete with integral cap beam and concrete box sections. The
section of the bridge was selected so that the webs of the boxes were located at the
girder locations of the steel bridge. The thickness of the slab was set as the actual
slab in the steel bridge, and the bottom slab was assumed to have zero thickness.
The thickness of the webs was selected so that the dead-load of the bridge becomes
similar to that of the steel bridge. Although the defined geometry is erroneous for

101

the concrete bridge, the girder design step was skipped and only the seismic design
for cap beam and column was performed in LEAP Bridge Concrete software.
After designing the pier using the software, the moment capacity of the column
and cap beam was calculated using moment-curvature analysis. The yield capacity
of the cap beam was compared with the overstrength capacity of the column to
ensure the formation of the plastic hinge in the column. To complete the cap-beam
design, the joint shear reinforcement was detailed according to Caltrans Seismic
Design Criteria [52] and AASHTO LRFD seismic bridge design [54].

Connection detailing
The connection was detailed according to the findings of the previous sections and
the developed guidelines [81, 82]. SDCL seismic connection consists of steel blocks,
tie bars, deck reinforcement, and dowel bars. The design of the dowel bars was according to the shear design of the cap beam joint shear design provided in AASHTO
LRFD seismic bridge design and Caltrans Seismic Design Criteria.
A height of 178 mm (7 in.) and thickness of 51 mm (2 in.) was chosen for
steel blocks. The height of the steel blocks was checked for the maximum combined
negative moment at the pier (considering the seismic combinations). The negative
moment at the critical section (middle of the pier) is transferred through the steel
block (compression) and the deck reinforcement. It should be noted that the deck
reinforcement was designed as part of the connection and checked in the girder and
deck negative section. The design of the tie bars is checked for the maximum positive
combined moment (including the seismic combination) in a section where the top
of the diaphragm (at the deck level) provides the compression block.
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5.4.2

Model Description

Full-scale models were intended to predict the behavior of a bridge system that
utilizes the developed SDCL connection detail under various types of loadings and
effects. The types of loads on a bridge in seismic areas can be classified into three
categories: gravity type loadings, vertical excitation, and horizontal excitation.
The gravity type loadings are dead loads, live loads, etc. They act downward to
the spans and induce negative moments at the pier location. To apply this effect
in the numerical analysis, only a portion of the structure was modeled. The length
of the superstructure on each side of the pier was chosen to about the inflection
point under gravity type loadings. For this, the superimposed dead load, and the
minimum and maximum envelope of the live loads were plotted, and the inflection
point was estimated for all the cases (Figure 5.18). For this type of loading the
length of the column does not affect the results, as the column will be completely
in compression.

Figure 5.18: Superimposed dead load and live load envelopes, and the selected
location of the inflection point.
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To further simplify the model and reduce the numerical intensity, out of the four
girders and two columns, only a portion of the cap consisting of one girder and half
a column was modeled. The modeled portion was from the center of a column to the
center of the cap beam as shown in Figure 5.19. Two symmetry planes were assumed
at the sides of the model where the cap beam and decks were truncated. Similar to
the previous model, only a part of the girder and deck was modeled in detail, from
the pier up to the first assumed cross-frame. The rest of the superstructure, from
the cross-frame section to the inflection point, was modeled using line elements and
remote displacements. Displacement-control downward loading was applied at both
ends of the superstructure (inflection points).

Figure 5.19: Modeled portion of the bridge.
The same geometry and model assumptions were used for the analysis of vertical
excitations. Vertical earthquake excitation results in the acceleration of the bridge
in the vertical direction. The acceleration if upward results in gravity type loadings and when downward results in a positive moment at the middle pier location.
Therefore, for the modeling of this effect same length of the bridge was selected on
both sides of the pier similar to the models for gravity-type loadings (Figure 5.19).
The upward displacement-control loading was applied at the inflection points. The

104

superimposed dead and live loads were ignored in this loading case to produce a
more critical condition. It should be noted that the downward loading was not
modeled separately, and the demand loads were compared with the results from
models for gravity-type loading.
The horizontal excitation effect can be different from the other two types of
loading. Horizontal loading can be divided into longitudinal (along-traffic) and
transverse (perpendicular to traffic) components. Under both cases, for a two-span
bridge with simply supported abutments, the inflection points in the superstructure
form at the abutment. Therefore, the full length of the bridge should be modeled.
As the columns were fixed to the footing, a double curvature deformation forms in
the column under horizontal excitation. To reduce the models’ intensity, only half
the length of the columns (from the inflection point to the cap beam) were modeled.
For longitudinal components, only one girder was modeled, and symmetry planes
similar to the previous cases were assumed. In this case, the ends of the superstructure were assumed simply supported and displacement-control loading was applied
to the end of the column. For the case of the transverse component of the earthquake, all four girders, the deck, the cap beam, and two columns were modeled. The
loading was applied at both the column ends. The rotation of the end of the girders
(abutments) was restrained in the direction of bridge length. In both these cases,
only part of the superstructure close to the pier was modeled explicitly and the rest
of the structure was modeled using line elements and remote displacements.

5.4.3

Results

In all the developed numerical models, global load-deflection results, mode of failure,
and progress of damage in various elements were extracted. The gravity type loading
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and vertical excitation numerical results were compared with demand loads calculated during the design process in service, strength, and extreme limit states. As
the capacity design approach was used for the columns, the results of the horizontal
excitation models were investigated for damage formation at extreme displacement
levels and push-over responses of the structure.

Gravity type loading
Figure 5.20 shows the moment-displacement curve obtained from the first set of
full-scale models with push-down loading. On this graph, the onset of first yielding
in the deck reinforcement and the Strength I limit state moment, which was the
maximum among strength and extreme limit states, are marked. As can be seen
the maximum capacity of the connection under this type of loading higher than the
maximum moment demand. The mode of failure of the connection can be observed
in Figure 5.21. This figure shows local buckling of the steel girder away from the
concrete diaphragm which would be a preferred mode of failure. The local buckling
in the steel girder corresponds to the gradual reduction in load-carrying capacity
after the first peak on the moment-displacement graph.
The procedure for sizing the live-load continuity bars has been developed in
the earlier stages of the research [2, 39]. However, in this study, the sizing of the
live-load continuity bars was investigated through another perspective. In the model
explained above, the size of these bars was designed according to the previous studies
by considering the critical section between the girders. Multiple variations of the
same model were developed with different live-load continuity sizes to study the
effect of the sizing and change in the behavior of the connection. In these models,
the size of the deck bars was multiplications of the designed size (used in the previous
model). The multiplication factors used were 0.25, 0.4, 0.5, 0.6, 0.75, 1, and 1.25,
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Figure 5.20: Moment-displacement response of the connection under push-down
loading.

Figure 5.21: Failure mode of the connection under push-down loading.
which correspond to the steel ratio of 0.40%, 0.64%, 0.80%, 0.96%, 1.20%, 1.59%,
and 1.99% in the deck respectively.
Figure 5.22, shows the moment-displacement responses of the developed models.
As can be observed the load capacity decreases by decreasing the amount of steel. It
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was observed in this set of models that, when the area of steel is above a threshold
(0.8% for this case), the behavior of the connection is ductile and the failure is due
to the buckling of the girder outside the diaphragm. However, for the lower values
of the area of steel in the deck, the failure is sudden by excessive yielding in the
deck longitudinal reinforcement. Figure 5.22 also shows the first yield in the deck
live-load continuity bars for each model. The yielding starts at later stages as the
area of steel increases in the deck.

Figure 5.22: Moment-displacement curves for parametric study on various live-load
continuity reinforcement sizes.

Figure 5.23 compares the moment corresponding to the start of yielding with
the maximum moment recorded in this set of models. This figure also shows two
line graphs corresponding to analytical values of the moment capacity of the superstructure and the critical section. The capacity of the superstructure was calculated
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using an excel spreadsheet according to section 6 of AASHTO LRFD procedures.
The critical section is defined as the section between the two girders. The load
transfer in this section is only through the reinforcement present and not through
the girder. The capacity was estimated using the following equation.
P

i

As,i Fy Hi

Where, As,i is the area of a layer of reinforcement at height Hi from the steel
block, and Fy is the yield stress of the reinforcing bars. The purple graph (shown
in Figure 5.23) was calculated using the above equation considering three layers of
reinforcement: the top and bottom reinforcements in the deck, which are developed
inside the cap beam, and the cap beam stirrups which are passing the critical section
at the deck level. It should be noted that there are other horizontal reinforcements
at lower heights in the cap beam which was not included in this calculation. As can
be observed the minimum of the two capacities defined here can provide a conservative estimate of the capacity of the connection under push-down type loadings.
This procedure can be used in the design process for sizing the live-load continuity
reinforcement. In general, the design philosophy is to provide enough longitudinal
reinforcement in the deck so that the capacity of the critical section is higher than
the superstructure to mode the failure outside the connection area.

Vertical excitation
The numerical analysis performed previously to develop the seismic connection detail [7] concluded that the main load-carrying element under downward vertical
excitation of the earthquake in an SDCL connection is the tie bars. Under this type
of loading the superstructure at the middle pier is under a positive moment, and the
bottom flanges of the girder will be in tension. The tension in the bottom flanges is
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Figure 5.23: The first yield moment and moment capacity as observed from the
models versus steel reinforcement ratio in the deck compared with the analytical
moment capacities.
transferred through the tie bars in the concrete diaphragm. With this assumption,
the tie bars were designed for Extreme limit states (including earthquake loading).
The loading for the vertical excitation is not well defined in AASHTO [54, 55],
however Caltrans Seismic Design Criteria [52] requires that in the design process,
the superstructure to be subjected to 25% of the dead loads upward to account
for the vertical excitation in high seismic areas (peak ground acceleration of higher
than 0.6g). According to Caltrans, this loading should not be combined with the
superstructure dead load. For the case of the continuous girders under dead and live
load, the middle pier is under a negative moment under superstructure dead load,
thus ignoring the dead load could mean applying a higher vertical load ( 125% of
the dead load) combined with the existing loads. However, applying 125% of dead
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loads upward in the case of SDCL superstructure will result in a very high positive
moment at the middle piers. As this was not clarified in the seismic provisions,
the required area of tie bars was calculated based on 0.25 of the dead loads. Later,
the total load of 1.25 of the dead loads was also looked at and compared with the
numerical results.
In the first set of models made with the calculated area of tie bars, the capacity
of the connection was about 10 times higher than the expected value. The expected
capacity was equal to the demand from 0.25 of the dead loads considering the load
and resistance factors. The moment-displacement curve for this model is shown
in Figure 5.24. In this figure, the demand on the connection for 0.25 of the dead
loads is shown. It can be observed that the tie bars have remained elastic before
other elements in the system are yielding. However, the yielding plateau of the
graph starts after yielding in the transverse bars in the cap (near the girder bottom
flange) and tie bars.

Figure 5.24: Moment-displacement response of the connection under push-up loading.
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To get a more conservative result in this model, the effect of the shear studs on
the bottom flange was ignored. The load transfer from the bottom flange to the
concrete diaphragm was mainly through the welded steel block at the end of the
bottom flange. This resulted in localized yielding in the steel girders. However,
this yielding does not induce a plateau in the moment-displacement response. The
plateau of the response of the specimen is mainly due to the crushing of concrete
next to the steel blocks and yielding of reinforcement. The onset of yielding in
girder bottom flange, crushing of concrete, yielding of transverse bars in drop cap,
and yielding of tie bars are marked in Figure 5.24. The crushing of concrete marked
in the graph is the first point where the concrete next to the steel block had reached
0.003 strain which is attributed to the crushing of concrete. However, the concrete
in this region is highly confined and crushing has occurred at higher strains and
stresses.
It can also be seen from Figure 5.24 that the capacity of the connection under
push-up forces is significantly higher than 1.25 of dead loads applied upward. There
is no non-linearity, other than cracking in concrete, at this load level. Remarkably,
the full positive moment capacity of the steel superstructure, calculated during the
design process has reached before the yielding of the bars the cap and connection.It
can be concluded that the moment capacity of connection under push-up loading is
provided by the load transfer in the concrete.
To better understand the capacity calculation for the push-up loading, specifically the capacity provided by the concrete, another set of models was developed.
In these models, the steel girders were assumed to be elastic and the tie bars were
removed. With these assumptions, the load transfer will be mainly through the
concrete and cap reinforcement.
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The same geometry, loading scenario, and boundary conditions were chosen as
the previous model. Two cases of the bottom flange with and without shear connectors and one case without any reinforcement in the cap beam with shear connectors
on the bottom flange were considered. The presence of shear studs was considered by bonded contact of steel and concrete. The moment displacement results
of these analyses are shown in Figure 5.25. This graph shows that the capacity
of the concrete cap beam alone can be sufficient to fully develop the steel girder.
Furthermore, the reinforcement in the cap beam (including the tie bars) does not
significantly affect the push-up capacity of the connection.

Figure 5.25: Moment-displacement curves for the three models under push-up loading compared with calculated positive section capacity and moment for the breakout
cone.
The type of interaction between the bottom flange and the concrete can change
the behavior and load-carrying capacity of the connection under push-up loading.
In the case where the effect of shear connectors was ignored, the load-transfer is
mainly through the steel block welded to the bottom flange. By transferring all the
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tension in the bottom flange through the steel block the concrete behind the block
crushes at earlier stages, therefore the capacity of the connection is lower compared
to the case with shear connectors. This conclusion can also be drawn from Figure
5.26, which shows plastic strain in concrete (as a sign of cracking and crushing) for
the first two cases (with and without shear connectors).

(a)

(b)

Figure 5.26: Plastic strain in concrete near the steel girders at final step of the
models under push up loading. (a) model with the effect of shear connectors (b)
model without the effect of shear connectors
In the cases where the effect of shear connectors was considered, the capacity
of the connection increases significantly. This can be attributed to the change in
the mode of failure from crushing of concrete to a combination of the pullout of the
bottom flange and breakout of concrete around it. The stress vectors at a section of
concrete near the bottom flange of the steel girder are shown in Figure 5.27 for the
third model. Concluding from this figure, the crack pattern and failure mode for
the concrete near the bottom flange under push-up loading can be similar to Figure
5.28.
Considering the damage pattern shown in Figure 5.28the capacity of the connection can be estimated by assuming a break-out cone in the concrete. The break-out
cone (marked by the red dashed line) was estimated for this case based on ACI 318
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(a)

(b)

(c)

(d)

Figure 5.27: Principal stress vectors for the model without cap beam bars. (a)
Maximum principal stress in vertical section near the girders, (b) Maximum principal
stress in horizontal section near the girders, (c) Minimum principal stress in vertical
section near the girders, and (d) Minimum principal stress in horizontal section near
the girders.
[83] section 17. It was found that the capacity of the connection could be about
twice the numerical results. However, from Figure 5.27 it can be observed that the
stresses in the concrete do not develop fully in the breakout cone area. Considering
the crack pattern from the models, a break-out cone equal to half of the red line
would give a more conservative capacity. In this case, the breakout in the drop cap
is only in half the section since the bottom of the section goes under compression
as was observed from the models. The top portion of the cone protrudes to about
1/3 of the height of the girder as the top of the section is in compression. The area
of the revised break-out cone (blue dashed line) would be the cracked area marked
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(a) Side view

(b) Top view

(c) Front view (sketch)

(d) Front view (model)

Figure 5.28: Failure pattern observed in models (green crack lines), expected failure
surfaces assumed for the push up loading.
by green lines. The moment corresponding to this breakout area was estimated and
compared in the moment-displacement graph for the three numerical models (Figure
5.25).

Horizontal excitation
The effect of horizontal excitation was investigated for longitudinal (along-traffic)
and transverse (perpendicular to traffic) components of the earthquake. In both
cases, the bridge was assumed simply supported at the abutments, and loading
was applied at the inflection point of the column. The model for the longitudinal
component of the excitation was consisted of a half column, similar to the previous
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section, with two symmetry planes. And the model for the transverse excitation was
a complete cap beam with two columns. Only a portion of the superstructure and
columns was explicitly modeled, and the rest of them, away from the connection,
was modeled with line elements.
The demand load on the connection and cap beam, which are the investigated
elements of this study, depends on the capacity of the column. The push-over
analysis performed herein ensures the formation of the damage in the column and
therefore inducing the demand loads on the connection and cap beam. So only the
damage formation in different elements was studied. It is desired that under high
levels of displacement, the connection and cap beam components remain elastic and
undamaged.
Figures 5.29 and 5.30 shows some of the results indicating non-linearity in the
model at the final loading step of the analysis for longitudinal loadings. The results
include damage in the concrete (a) and strain in steel (b). At this step, in which the
drift ratio is about 4%, the capacity protected elements, including cap beam, girders,
and deck, have remained below yield and minimally damaged. The damage in
concrete indicates cracking which is inevitable at such high drift ratios. Specifically,
the cracking occurs near the column longitudinal bars, which are developed inside
the cap beam. At this step, the column longitudinal bars are fully yielded, and
the capacity of the column has reached. The decay in the longitudinal bar stress
is occurring inside the cap beam and it is expected to have some yielding as it is
observed in Figure 5.30 in this region.
Figures 5.31 and 5.32, similarly show some of the results indicating non-linearity
in the full cap beam model subjected to transverse displacement. The results from
these models are similar to the previous models under longitudinal excitation. The
damage in concrete is indicative of cracking, which is mostly occurred in the left
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Figure 5.29: Plastic strain in the concrete under longitudinal excitation at final
loading step.
column in Figure 5.31. This column is under higher tensile forces as the displacement was to the column deflections from right to left. The strain in the cap beam
reinforcement is mainly under the yield (Figure 5.32a). However, the strain in a
small segment of some of the vertical bars next to column longitudinal bars in the
right column exceeded the yield strain (Figure 5.32b). This is attributed to the
development of the column longitudinal bars and the decay of high tensile stresses
in these elements in the cap beam. These models prove the efficacy of the designed
connection detail under horizontal excitation.

5.5

Conclusions

This chapter focused on the development of numerical models capable of predicting
the behavior of the SDCL steel bridge system. A newly developed and implemented
concrete damage plasticity model was calibrated and used in this analysis. Other
than validating the material models, the interaction between steel and concrete in
the diaphragm was investigated. In an SDCL steel bridge system when the steel
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(a)

(b)

Figure 5.30: Strain in the cap beam reinforcement under longitudinal excitation at
final loading step; (a) not yielded (b) yielded.
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Figure 5.31: Plastic strain in concrete under transverse excitation at final loading
step.
girder is embedded inside the concrete, the behavior may not be as fully bonded,
and this interaction was thoroughly examined in this chapter. After validating the
numerical models with the available experimental data, the assumptions made were
used to investigate the behavior of the seismic SDCL connection detail in a full-scale
bridge system. As mentioned in previous chapters, the experimental verification of
the seismic SDCL connection was only performed on 1/3 scale models. The extension
of the conclusions from the scaled experimental data to the full-scale implementation
could be possible through a detailed numerical analysis. The following conclusions
were made during the numerical analysis performed in this chapter.
• The coupled damage plasticity microplane model used for the concrete material
was able to predict the concrete behavior in small-scale and large-scale models.
The material model was used to predict the behavior of the connection detail
under various types of loading.
• Frictional contact between concrete and steel with a coefficient of friction
equal to 0.2 can accurately capture the interaction of the steel and concrete.
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(a)

(b)

Figure 5.32: Strain in cap beam reinforcement under transverse excitation at final
loading step; (a) not yielded (b) yielded (plastic strain).
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Wherever a mechanical connection is provided, e.g. shear connectors, a bonded
contact property or explicitly modeling the connectors will provide reasonable
accuracy.
• The performance of the seismic connection detail under the gravity type loading is similar to the non-seismic SDCL detail. The moment capacity of the
connection can be estimated by considering the live load continuity reinforcement (deck longitudinal bars) as the load-carrying elements for tensile forces
and steel blocks for the compression forces. If the connection detail has sufficient capacity, more than the negative section of the superstructure, the
failure mode will move to the superstructure. The capacity of the superstructure should be designed for the required load-combination and is independent
of the connection in these cases.
• The capacity of the connection under vertical excitation is highly dependent
on the concrete diaphragm and cap beam. The embedment length of the steel
girders inside the concrete diaphragm affects the load-carrying capacity and
can change the failure mode. The possible failure modes are breakout of the
concrete, crushing of concrete, and yielding of the steel girder. In all cases,
the capacity of the connection should be compared against the demand loads.
• The breakout of concrete failure mode under push-up forces usually occurs
when the steel bottom flange is not developed inside the concrete, but the
connection of steel and concrete is through the distributed shear connectors
over the embedment length. In this case, the capacity can be estimated by
calculating the tension forces on the breakout cone. The cap reinforcement
and the tie bars can act as anchorage in the breakout zone. The capacity of
the bars can be added to the concrete breakout when calculating the capacity.
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• Crushing of concrete under push-up forces occurs when the steel is locally
restrained inside the concrete by the welded steel blocks or end-plates. In
this case, the steel girder can slide inside the concrete, and therefore load is
transferred mainly through the welded steel plates, which act as mechanical
connectors. The capacity of the connection in this type of failure mode can be
estimated by calculating the area of concrete under compression. As observed
from the models, the reinforcement in the cap does not contribute to the
capacity under this type of failure.
• Under push-up loading, when the yielding capacity of the steel girder is lower
than the capacity of the other two failure types, the failure occurs outside the
concrete diaphragm and cap beam. In this case, full continuity of the girder
is provided by the concrete diaphragm.
• The behavior of the connection under horizontal excitation is mainly controlled
by the detailing of the cap beam. As the capacity design approach is practiced
for designing the cap beam. The main cap beam elements remain elastic
under the overstrength capacity of the column. The column to cap joint
detailing according to AASHTO LRFD seismic bridge design and Caltrans
Seismic Design Criteria will ensure that the joint area will remain elastic under
the load transfer during both longitudinal and transverse excitations.
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CHAPTER 6
UHPC CONNECTION FOR SDCL BRIDGE SYSTEM

6.1

Introduction

This chapter presents a numerical study performed to develop an SDCL connection detail utilizing ultra-high performance concrete (UHPC). UHPC has superior
mechanical properties such as high compressive strength (higher than 20 ksi), high
tensile capacity and ductility, high early strength, and better durability compared
to normal strength concrete (NSC). These advantages make the UHPC suitable for
accelerated bridge construction applications [84–89]. In this study, an attempt was
made to simplify the SDCL connection detail by taking advantage of the material
properties of UHPC.
One of the main advantages of UHPC is early strength gain. UHPC can gain up
to 10 ksi (69 MPa) compressive strength in a matter of hours [90]. This property
makes UHPC an ideal material of choice for ABC. By using UHPC as the gluing
material for prefabricated elements or systems, the on-site construction time reduces
significantly so that the bridge can be opened to traffic a few hours after casting
UHPC. In this study, by replacing the cast-in-place normal concrete diaphragm to
UHPC, the on-site construction time can be reduced significantly.
Another advantage of using UHPC for the cast-in-place diaphragm is the durability enhancement of the structure. UHPC has a dense micro-structure and therefore
has low permeability. This results in higher durability of UHPC. When UHPC encases other elements, the outer impenetrable UHPC protects the vulnerable element
(or part of an element) inside [91–95]. For the case of steel bridges, the most vulnerable part of the bridge is the end of the girders. The water and chemical intrusion
through the joints make this area prone to corrosion and high maintenance. As
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stated before, a concrete diaphragm will result in the protection of the girder ends.
Further, using UHPC in the diaphragm are will result in further protection of the
girder ends.
The higher tensile and compressive capacity of UHPC results in a lower development length for reinforcing bars. This property is also very advantageous in ABC
applications. The protruding bars from prefabricated elements can be embedded,
developed, and/or spliced in UHPC connections in a short length. Therefore, the
UHPC usage can be minimized and localized to the connection areas. The higher
costs associated with UHPC material can also be minimized by strategized usage of
UHPC.
The feasibility of using UHPC as the connecting material, instead of the concrete
diaphragm, for the continuity of steel girder and superstructure for live-load and service life of the bridge, was investigated in this study. The availability of numerous
experimental data on the regular concrete details and validated numerical models for
those experiments makes the development and assessment of the UHPC connection
feasible. The main section of this study includes calibration of microplane coupled
damage plasticity model for UHPC material, validating the numerical models using large-scale experiments, performing parametric analysis to develop the UHPC
connection detail, and design recommendations for SDCL steel bridge system.

6.2

Model Assumptions and Definitions

This section provides an overview of the material models, element types, and interactions used in the numerical analysis. The numerical analysis was performed in
ANSYS finite element package [10]. Most of the material models were introduced
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and validated in the previous chapter. This section mainly focuses on the calibration
of the UHPC material model.

6.2.1

Steel Reinforcement

The steel reinforcement material and element types used were the same as in the
previous chapter. Bilinear isotropic hardening plasticity was used to represent the
stress-strain behavior of the steel material and 8-node 3D elements with 1D reinforcement formulations were used for the element type of the reinforcement.

6.2.2

Steel Girders

The steel girders and plate material and element types used were the same as in
the previous chapter. Bilinear isotropic hardening plasticity was used to represent
the stress-strain behavior of the steel material and 8-node 3D elements with shell
formulations were used for steel that was expected to have to bend out-of-plane,
and solid elements were used for steel that was not expected to bend out-of-plane.

6.2.3

NSC

The validated material and element type used for the previous chapter was utilized
in this chapter as well. The coupled damage plasticity microplane model with the
parameters defined in the previous chapter was used for modeling concrete materials.

6.2.4

Ultra-High Performance Concrete

The UHPC material was modeled using the coupled damage plasticity microplane
model that was used for NSC. The gradient enhanced microplane model, used in this
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study, can capture the cracking and crushing behavior of concrete-type materials,
but there are not many examples of using this material model for UHPC. Possibly,
because this material has been recently implemented in ANSYS. However, there are
few examples of using older microplane models for UHPC in the literature [96, 97].
To incorporate the microplane material model for UHPC into the large-scale
modeling, a few aspects of the models had to be checked and calibrated. Among
which, tensile behavior, compressive behavior, and confinement of UHPC were investigated and the material parameters were calibrated. In a series of small-scale
models, the experimental results from the literature were replicated to ensure the
capability of the material models in capturing the actual behavior of UHPC. The
material model parameters were changed in an iterative process so that the material
response curve matches the experimental results for all the sets. This was performed
to make sure that all models were using the same material definition resulting in
the most accurate results.
The first set of models was compressive tests on 2x4 in. cylinders. The numerical
results from this set of analyses were compared to experimental results reported
by Hassan et al. [98]. A range of mesh sizes was also used to check the mesh
sensitivity of the material model. The second set of models was direct tensile tests
calibrated also with experimental data from Hassan et al. [98]. These models
consisted of 26x50x75 mm cuboids with tension in the longer direction. The actual
test specimens were in the shape of dog bones, but only the length where the strain
measurement was performed was modeled. Another set of models made was 3point bending tests on 2x2x9 specimens. The result of these models was compared
to the experimental data from Graybeal [90]. And the last models were aimed at
calibrating the confinement behavior of the material models. Experiments from
Naeimi et al [99] were used to calibrate the material data under confinement. In
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these tests 3in.x6in. cylinders were used with spiral wire reinforcement to see the
confining effect of the transverse reinforcement on the UHPC compressive behavior.
Figure 6.1 shows the geometry, meshing, and boundary conditions of the four sets
of models. The resulting response curves from these models are compared with the
corresponding experimental results (shown in Figure 6.2, 6.3, and 6.4). As can be
observed there is a satisfactory agreement between the numerical and experimental
results.

Figure 6.1: The geometry, mesh, and boundary conditions of the models for (a)
cylinder compression test, (b) tension test, (c) third point bending test, and (d)
cylinder confinement test.

Finally, the calibrated material model parameters are presented in Table 6.1. As
can be observed, the values that correspond to the best agreement between experimental data and numerical results were different than the conventional definitions
of the NSC. This observation may be due to the difference between the response
of UHPC and NSC. UHPC’s ductility in tension is much higher than that of compression so that the hardening constants were changed significantly for tension and
compression from the conventional concrete values. Availability of the larger set
of experimental data, especially for confinement and biaxial compressive strength
would result in a better understanding of the material behavior and modeling. The
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(a)

(b)

Figure 6.2: Comparison of experimental [98] and numerical result of (a) compression
and (b) tension tests.

Figure 6.3: Comparison of experimental [90] and numerical results of third point
bending test.
parameters shown in Table 6.1 were used for the numerical analysis performed in
this study.
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Figure 6.4: Comparison of experimental [99] and numerical results of cylinder confinement tests.

6.3

Validating the Numerical Models

After calibrating and evaluating the material models for all the materials that were
expected to be used in this study, a set of models were developed to capture the
behavior of the materials in a large-scale test and validating the efficacy of the
models. An experiment performed previously at FIU was selected [100, 101] and the
experimental results were replicated in ANSYS using the material models explained
in the previous section.

6.3.1

UHPC shell beam

A composite UHPC and NSC beam were tested at FIU. The beam consisted of a
U-shaped reinforced UHPC stay-in-place formwork and reinforced concrete filling.
The composite action between UHPC and NSC was through a dense pattern of shear
connectors that were embedded inside the UHPC formwork. The beam was tested
under a 4-point loading scheme for flexural strength. Figure 6.5 shows the test setup
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Table 6.1: Material definition of NSC
Parameter

Value

Uniaxial compressive strength, fuc (MPa)

1.2fc0

Biaxial compressive strength, fbc (MPa)

5fuc

Uniaxial tensile strength, fut (MPa)

fcr

Intersection point abscissa between compression cap and
Drucker-Prager yield function (MPa)

−2/3fbc

Ratio between the major and minor axes of the cap

2

Hardening material constant (N2 /mm4 )

1

Tension cap hardening constant

20000

Tension damage thresholds

0.003

Compression damage thresholds

0.001

Tension damage evolution constants

80

Compression damage evolution constants

2000

Nonlocal interaction range parameter (mm2 )

30

Over-nonlocal averaging parameter

1

and the damage (in terms of plastic strain in UHPC shell and in-fill concrete) in the
specimen after testing compared to the damage pattern observed in the numerical
models.
The global and local results from the numerical simulation were also compared
with the experimental results. Figure 6.6 shows the comparison of the load-deflection
response of the specimen. And Figure 6.7 shows the strain response versus load for
three strain gauges mounted on longitudinal bars at three heights inside the UHPC
formwork. The numerical results for this model agree with the experimental results
and validate the assumption made during the modeling stage. The purpose of this
section was to examine the UHPC material models that were calibrated in this
chapter. Other material models used here were previously validated in Chapter 5.
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(a)

(b)

Figure 6.5: (a) UHPC shell beam after the test and the test setup, (b) plastic strains
in UHPC shell and the infill concrete obtained from model.

Figure 6.6: Comparison of load-displacement response of the UHPC shell beam from
experimental and numerical results.

6.4

Concept Development

This chapter explains the efforts that were done to develop the connection detail utilizing UHPC. The construction sequence UHPC connection should not differ from
the previously developed connection with normal concrete. The envisioned con-
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Figure 6.7: Comparison of strain responses of the UHPC shell beam from experimental and numerical results.
struction sequence for the UHPC connection is shown in Figure 6.8. The main
differences between the UHPC connection and NSC connection are in the detailing.
As explained before, the superior mechanical properties of UHPC helps with simplifying the connection detail. Among the differences that can be named in a UHPC
connection compared to NSC connection would be:
• Reduction in the reinforcement required as the UHPC has high tensile capacity
and ductility.
• Straight development and splicing of the bars (deck and cap beam reinforcement) inside the UHPC connection region, instead of having complicated
hooked detailing.
• High tolerances for placement of steel girders due to high compressive strength
of UHPC. The high compressive stresses in the steel girders can be passed
through a medium of UHPC.
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• Minimizing the volume of cast-in-place UHPC and consequently reducing the
size of cap beam and diaphragm.

Figure 6.8: Construction sequence for SDCL UHPC connection.

6.4.1

Methodology

The differences mentioned above are the hypotheses that are to be examined in this
chapter. The available validated numerical models were used to test the hypotheses
and developing the preliminary design criteria. A parametric study on developed
models was performed to quantify the effect of the parameters below on the behavior
of the connection. The analysis was divided into two main sections, non-seismic
connection, and seismic connection detail.
The same approach as was used previously was taken for this study, first, a set
of models were developed to see the behavior of the connection under gravity types
loading (live loads). This type of connection is mainly for non-seismic areas, which is
only subjected to gravity type loadings and other loading cases are insignificant. For
this case, a set of parameters were defined by anticipating the benefits of using UHPC
and the hypotheses mentioned above. The effect of each parameter was investigated
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by developing models with only the parameter of interest changing. Finally, a set
of recommendations was developed for the design of the UHPC connection for the
non-seismic areas.
Next, the same methodology was applied to the seismic connection. A set of new
parameters were defined according to the seismic requirements of the connection.
The parameters were investigated through another set of models for a bridge that
was designed for seismic areas. Finally, the recommendations were developed for
the SDCL UHPC connection for seismic areas.

6.4.2

Parametric Study

Non-seismic connection
The base model used for this section was the experiments performed at UNL and
explained in previous chapters. The diaphragm portion of the cap beam and a
portion of the superstructure (one girder and the tributary deck) were modeled.
The end of the superstructure was subjected to push-down displacement control
loading. Only one side of the pier was modeled similar to the validation models
explained in the previous chapter and symmetry boundary condition was assumed
for the middle plane.
In these models, the diaphragm, and a portion of the deck above the diaphragm,
with the same width as the diaphragm, were assumed to be UHPC. It is envisioned
that for ABC applications of this system, only a part of the deck on top of the
diaphragm will be cast with UHPC. The deck can either be cast with the girders or
precast deck elements can be used. In both cases, only the diaphragm and the deck
above it will be cast with UHPC.
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The parameters investigated for the non-seismic UHPC connection detail were
the Width of the diaphragm (W), the Gap between the girders (G), presence of Endplate (E/NE), presence of diaphragm Reinforcement (R/NR). These parameters are
shown in Figure 6.9. The list of the models that were made and the parameters
investigated are presented in Table 6.2.

Figure 6.9: The investigated parameters for the non-seismic UHPC connection.
The behavior of the UHPC diaphragm under push-down loading differs from that
of the NSC. This was observed on the model W40-G8-NE-R, which had the same
geometry as Test 2 performed at UNL. Figure 6.10 shows the comparison of loaddisplacement response for the UHPC models, test results, and models with NSC.
Figure 6.10 also shows the comparison of penetration of bottom flange inside the
diaphragm against the displacement for UHPC and NSC diaphragm models. The
significant difference observed in these graphs is mainly due to the difference in the
behavior of the concrete next to the bottom flange. In test 2 performed at UNR, the
concrete between the bottom flanges crushes at the early stages of the test. However,
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Table 6.2: List of models and parameters used in the numerical analysis for the
non-seismic detail.

Name

Width of the
diaphragm
(in.)

The
gap
between
the girders
(in.)

Endplate

Diaphragm
reinforcement

W40-G8-NE-R

40

8

NO

YES

W40-G4-NE-R

40

4

NO

YES

W40-G2-NE-R

40

2

NO

YES

W40-G8-E-R

40

8

YES

YES

W40-G4-E-R

40

4

YES

YES

W40-G2-E-R

40

2

YES

YES

W30-G8-E-R

30

8

YES

YES

W20-G8-E-R

20

8

YES

YES

W30-G8-E-NR

30

8

YES

NO

W20-G8-E-NR

20

8

YES

NO

by replacing the NSC with UHPC, the crushing does not occur in the diaphragm
and the bottom flange does not penetrate inside the UHPC. This changes the mode
of failure and results in local buckling of the bottom flange and web outside the
diaphragm. The load-drop in Figure 6.10 at around 2 in. displacement corresponds
to the local buckling in the steel girder shown in Figure 6.11.
After making the first model with UHPC, the benefit of using UHPC in the
diaphragm was clear. By using UHPC in the diaphragm region, the mode of failure
changes, and this will affect the load capacity of the connection. It was obvious the
simplest form of connection, a girder with no modification, no additional stiffeners,
and no shear connectors would be a possible form of connection detail with a desirable mode of failure. A desirable mode of failure is when it occurs outside the
connection area, and the concrete and UHPC in the connection remain uncrushed.
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(a)

(b)

Figure 6.10: (a) Comparison of load-displacement response of UHPC diaphragm
with similar detail with NSC (numerical and experimental [39]), (b) Comparison of
movement of bottom flange inside the UHPC and NSC diaphragm (numerical).

Figure 6.11: The final state of the model at the last loading step in W40-G8-NE-R.
Next, various parameters were examined to see the effect of each parameter and
possibly enhancing the connection detail.
The first parameter examined was the presence of an end-plate. So far, the
behavior of the connection was desirable. However, in most steel bridges, due to the
low thickness of webs and flanges, bearing stiffeners at the supports are required.
The bearing stiffener could act as an end-plate and may change the behavior of
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the system. Figure 6.12 shows the global load-displacement response for models
W40-G8-E-R and W40-G8-NE-R. The geometries of these two models are similar
except for the presence of an end-plate in the former case. As can be observed,
the global behavior of these two models is very close to each other. Figure 6.13
shows the normal stresses in X (along the girder line) and Y (vertical) directions in
the concrete behind the bottom flange in the middle of the diaphragm. There is a
very small difference in the local response of UHPC in this region, which is under
compression from the bottom flange. It should be noted that the left side of the
figure is the symmetry plane in the model, and the right side was cropped to focus
on the compression strut in UHPC.

Figure 6.12: Comparison of load-displacement response of W40-G8-E-R and W40G8-NE-R.
Another parameter that was investigated in this parametric study was the gap
length between the girders. For the models with diaphragm width of 40, with and
without the end-plate, three gap width of 2 in., 4in., and 8in. was considered. 8
in. gap width was the same as tests 2 and 3 of the non-seismic details performed
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(a)

(b)

(c)

(d)

Figure 6.13: Normal stresses in UHPC for (a) X direction in W40-G8-E-R, (b) Y
direction in W40-G8-E-R, (c) X direction in W40-G8-NE-R, and (d) Y direction in
W40-G8-NE-R.
in UNL. Figure 6.14 shows the load-displacement curves for the six models. This
figure shows that the global behavior of the connection does not change by changing
the gap width. However, when local results were examined signs of UHPC crushing
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was observed in the models with smaller gap width.

(a)

(b)

Figure 6.14: Comparison of load-displacement response of (a) W40-G8-NE-R, W40G4-NE-R, and W40-G2-NE-R, and (b) W40-G8-E-R, W40-G4-E-R, and W40-G2E-R.
Figure 6.15 shows the plastic strain at the middle section between the girders
(symmetry plane in these models). As can be observed in the model with a gap width
of 2 in. the plastic strain in the UHPC exceeds 0.005, which shows the crushing
of UHPC. Even in the model with a gap width of 4 in. The plastic strain at this
location reaches 0.0037. It should be noted that, due to the confinement of UHPC
between the girders, the compressive strength and the strain at which the crushing
begins is higher than usual. As can be observed in Figure 6.16, the compressive
stresses in the UHPC are significantly higher in the models with smaller gap sizes.
Another parameter that was investigated in this study, was the effect of the width
of the diaphragm. As it was expected, under push-down loading the width of the
diaphragm would not affect the behavior of the connection. Figure 6.17 shows the
load-displacement curves for three models with various diaphragm width of 20 in.,
30 in., and 40 in. In all models, the mode of failure was the local buckling of the steel
girder outside the diaphragm. The slight changes in the load-carrying capacity of
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(a)

(b)

(c)

Figure 6.15: Plastic strain in UHPC at the symmetry plane for (a) W40-G8-NE-R,
(b) W40-G4-NE-R, and (c) W40-G2-NE-R.
these models correspond to the change in the distance between the loading point and
the buckling location. In the models with smaller diaphragm width, the location of
buckling is further from the loading point and thus the capacity is lower. Figure 6.18
shows the minimum principal stresses in the UHPC. This figure also confirms the
conclusion that the diaphragm width does not change the behavior of the connection
locally.
One of the conclusions of this numerical study was that the presence of transverse
reinforcement and the stirrups in the diaphragm does not affect the results. Two
models, W30-G8-E-NR and W20-G8-E-NR were modeled without these reinforcements. The load-displacement of these models compared with companion models
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Figure 6.16: The maximum normal stresses between the bottom flanges of adjacent
girders in W40-G8-NE-R, W40-G4-NE-R, and W40-G2-NE-R.
with the reinforcement are presented in Figure 6.17. The global and local results
from this set of models showed that the effect of transverse reinforcement and stirrups are insignificant under the push-down loading. This is mainly due to the high
tensile strength of the UHPC material.
As discussed before, one of the main parameters which affect the behavior of the
connection and can cause a change in the mode of failure is the gap width between
the bottom flanges of the girders. The material model used for UHPC was calibrated
for the confinement effect, however, the stresses in the UHPC at the end of the girder
is in a triaxial compression state and the behavior could be complicated.
Wang et al. [102] tested cylinders of ultra-high-strength concrete, UHSC (without steel fibers), and UHPC under triaxial stresses. They have reported that, by
applying a confinement pressure of 7.25 ksi (50 MPa), the compressive strength of
UHSC and UHPC had increased to 2.98 and 2.33 times the uniaxial compressive
strength, respectively. Another research by Wang et al. [103] indicated that triaxial
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Figure 6.17: Comparison of load-displacement response of W40-G8-E-R, W30-G8E-R, W20-G8-E-R, W30-G8-E-NR, and W20-G8-E-NR.

(a)

(b)

Figure 6.18: Minimum principal stresses in UHPC for (a) W30-G8-E-R, and (b)
W20-G8-E-R.
compressive strength of UHSC could reach about 5.87 times the uniaxial compressive strength under the confinement of 58 ksi (400 MPa). These results indicate that
under a triaxial compression state (at the end of the bottom flange) the compressive
strength of UHPC could be even higher than the yield stress of the steel girder.
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When the two bottom flanges of two girders compress the UHPC between them
a bottle-shaped compression field forms in the UHPC. The capacity of the compressive strut can define the capacity of the connection and mode of failure. Leutbecher
and Fehling [104] performed an experimental study to investigate the load-bearing
behavior of bottle-shaped compression field in UHPC. Figure 6.19 shows the experimental results from their study on a UHPC mix with 2% steel fibers. The
compressive strength of the specimen compressed between two steel plates with b/a
of around 10 was about 2.2 times the uniaxial compressive strength of UHPC. b is
the width of the compression bottle and a is the width of the loading area (shown
in Figure 6.19 ).

(b)

(a)

Figure 6.19: (a)Experimental result for bottle-shaped compression strut in UHPC
reported by Leutbecher and Fehling [104] and compared with developed graphs by
[105], and (b) Compression strut notations [105].

145

One aspect that was not considered in the numerical analysis explained so far,
was the effect of the girder seats. In the models explained above, the girder and
the diaphragm were seated on an elastomeric bearing pad. The bearing pad was
modeled as linear material, therefore the bottom plane was acting as a close to fixed
condition (in the vertical direction). In reality, for this type of connection where the
UHPC is cast on top of an elastomeric bearing pad, the UHPC can burst into the
pad and cause high local deformations in the pad. The elastomeric bearing pad also
will not be able to tolerate the triaxial compressive stresses at this location. This
effect makes the model predictions less conservative.
If the girders are seated on top of the concrete pier and UHPC is cast on the
NSC the bottle-shaped compression field partially forms in the NSC similar to Figure 6.20a. However, if the girders are seated higher than the NSC surface, the
compression bottle-shaped strut could partially form in UHPC (Figure 6.20b). In
this case, the distance of the bottom flange from the NSC could be selected so that
the stresses developed inside the NSC are lower than the compressive strength to
prevent the crushing.

(a)

(b)

Figure 6.20: Formation bottle-shaped compression strut between bottom flanges of
girders for (a) girders seated on top of NSC, and (b) girders seated at a height.
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To find the optimum gap width between the bottom flanges and seat height for
the girder, a parametric study on local models with a steel plate and the surrounding
UHPC was performed. The experimental result of Leutbecher and Fehling [104] was
used to check the capability of the numerical models in predicting the behavior of
the UHPC in a bottle-shaped compressive strut. The four cases are b/a equal to
2.3, 4.7, 6.9, and 10.7 was replicated with the same experimental setup. Figure 6.21
shows the comparison of the numerical results and experimental results [104]. As
the capability of the models were examined, a parametric study was performed on
a slightly different setup to find the gap width and girder seat height required.

Figure 6.21: Comparison of experimental result of Leutbecher and Fehling [104] and
numerical models.
The main difference between the case of bottom flanges in SDCL connection and
the test setup used by Leutbecher and Fehling [104] is the boundary conditions.
In the envisioned connection, the UHPC is completely confined in two directions
around the bottle-shaped compression strut. Also, the steel plates (bottom flanges)
are embedded inside the UHPC. In the parametric study performed, models similar
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to Figure 6.22 were developed. The models had three symmetry planes. So, a
quarter of a steel plate (half of the thickness and width) is embedded in UHPC with
only half the gap width. The parameters investigated were the gap width, the width
of the steel plate, the thickness of the steel plate and the embedment length of the
plate inside UHPC. The other dimensions of the model were considered large enough
(10 in.) to capture the confinement effect which would occur in the combined cap
beam and diaphragm. The steel material was considered elastic and pressure equal
to the expected yield stress of steel was applied at the outer end of the plate. Table
6.3 shows the parameters used in these models.

(b)

(a)

Figure 6.22: Developed model of steel plate embedded in UHPC (a) Mesh and
boundary conditions. (b) Minimum principal stress in one of the models (G = 2 in.,
E = 5 in., wbf = 5 in., tbf = 1 in.).
Table 6.3: List of parameters used in bottle-shaped compression strut models.
Parameter

Values

Gap G (in.)

1, 2, 3, 4, 6, 8, 10

Width of flange wbf (in.)

10, 15, 20

Thickness of flange tbf (in.)

0.8, 1, 1.2

Embedment length L(in.)

2, 5
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As the loading on these models was force-control, in case of a drop in the load
carried by UHPC, the solution cannot converge, because the applied load is increasing. All the models ran for this parametric study were completed and no convergence
issues were found. This means that the UHPC in all the cases was able to sustain the
stresses developed. However, in some of the cases, there might be extensive plastic
strains in the UHPC. To get a reasonable threshold for the plastic strain in UHPC,
the calibration model for confinement with 8% of stirrups (maximum confinement)
was used. The plastic strain in the direction of loading (compressive) corresponding
to the onset of crushing (-0.0014) was chosen as a threshold for indicating extensive
damage in the parametric study (Figure 6.23). It should be noted that the plastic
strain is negative however for presentation purposes the absolute value is shown in
Figure 6.23.

Figure 6.23: Defining the crushing threshold from cylinder model with 8% stirrup.
Figure 6.24 shows the extracted minimum plastic strain along the loading direction, which occurs in the bottle-shaped strut, in the UHPC for some of the models
with various parameters. It can be observed that by increasing the gap width fur-
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ther than 6 in. (6 times the thickness of bottom flange) the plastic strain developed
in the UHPC does not change. However, a gap width of 4 in. (4 times the thickness of the bottom flange) would decrease the compressive plastic strain below the
threshold. This is valid for a wide range of wbf .

Figure 6.24: Normal plastic strain developed in the direction of loading in the
parametric study for various gap width, width of flange, and embedment length.
It can be observed from Figure 6.24 that by decreasing the embedment length of
the steel plate inside the UHPC the plastic strain developed increases significantly,
however at 4 in. gap width the effect is less significant. The effect of the thickness
of the bottom flange was also investigated in this analysis. It can be observed from
Figure 6.25 that by increasing the thickness the developed plastic strain increases.
This is mainly because the ratio of the gap to thickness decreases when the thickness
of the plate increases.
As previously mentioned, a seat height would be required for the girders to
have the bottle-shaped compression strut develop mainly inside the UHPC. As was
observed from the numerical models explained in this section, the compressive stress
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Figure 6.25: Normal plastic strain developed in the direction of loading in the
parametric study for various thicknesses.
inside UHPC drops to values as low as NSC compressive strength in about 2 to 3
in. away from the steel plate. Furthermore, a set of linear 2D plane strain models
was developed with a small steel block with unit length pushing through a medium
of UHPC. The loading applied was unit pressure, σa , at the left edge of the steel
block. Symmetry plane was considered at the right edge of the UHPC and only
half the field was modeled. Five models were made with tbf /G of 3,6,10,15, and 20.
Figure 6.26 shows one of the models, the parameters and boundary conditions.
To find the minimum required height, the minimum principal stresses along the
height were considered, especially at the middle plane or Path 2 shown in Figure
6.26. The purpose of the height of girder seating is to prevent crushing in the
concrete. As can be seen in Figure 6.26 and Figure 6.22b at about 2 times the
thickness of the steel block away from it, the stresses in the concrete reach the fc0 .
The threshold between Orange and Red is set to 0.1, which is equal to fc0 /fs for
a typical grade 50 steel and 5 ksi concrete. fc0 is the compressive strength of NSC
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Figure 6.26: 2D plane strain model for the bottle-shaped compression strut.
and fs is the yield strength of the steel girders. Furthermore, Figure 6.27 shows
the minimum principal stress on Path 2 for different models. This figure also shows
that below 2.5a the minimum principal stress is below the threshold of 0.1 for all the
cases. The origin of the x coordinate is from the center of the steel block, therefore
2 times the thickness of steel for a minimum height of girder seat would be required
to prevent the crushing in the NSC drop cap.
Figure 6.28 shows the principal stresses along Path 1 for the models developed
in this section. As can be seen, the stress is at a triaxial state very close to the steel
plate. A little further from the plate, at about half the thickness of the plate (x/a =
0.5) the maximum principal stress (σ1 ) reaches its maximum value (in tension).
The maximum value of the maximum principal stress decreases by increasing the
gap width. If the gap width is very small (about the thickness of the flange) tension
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Figure 6.27: Minimum principal stress on Path 2.
cannot develop and the UHPC will remain in a triaxial compression mode and could
sustain higher loads without damage. This observation also supports the conclusions
made from Figure 6.24.
The final observation from this numerical analysis was that, similar to the seat
height that could help develop the compression strut in the UHPC, casting only a
distance away from the girder (along the length of the diaphragm), decreases the
amount of UHPC and simplifies the connection detail. The length of the diaphragm
required to cast with UHPC can also be estimated by preventing high compressive
stresses in NSC. From the previous analysis and observation of the 3D parametric
study on the bottle-shaped compression strut, it can be concluded that only 2 times
the thickness of the bottom flange (similar to the seat height) would be required to
have the minimum principal stress under the compressive strength of NSC.
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Figure 6.28: Principal stresses along Path 1.
Seismic connection
The findings of the last section were the starting point for analyzing the connection
behavior in seismic regions. The full-scale bridge used in the last chapter was used
as the base model for this section. The three load cases of push-down, push-up,
and longitudinal excitation similar to the last chapter were subjected to the models.
Similarly, only one girder of the bridge on two sides of the pier, the tributary deck
and cap beam length, and half a column were modeled. Two symmetry planes were
considered at the two ends of the cap beam and deck. For the seismic application of
the UHPC connection, it was expected that the minimum width and length of the
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cap beam are not sufficient. Also, a mechanical connection is required between steel
and UHPC for the push-up and longitudinal excitation loading cases to prevent the
girder from sliding out of UHPC. Similarly, the requirement for reinforcement in the
UHPC section was also checked. The parameters investigated and the list of models
are listed in Table 6.4.
Table 6.4: List of models and parameters used in the numerical analysis for seismic
connection.
Name

Loading

W (in.)

L (in.)

End-plate

Contact

D-W16-L18-NE-F

D

16

18

No

Fr

U-W16-L18-NE-F

U

16

18

No

Fr

U-W16-L18-NE-B

U

16

18

No

B

U-W24-L18-NE-B

U

24

18

No

B

U-W16-L26-NE-B

U

16

26

No

B

U-W24-L26-NE-B

U

24

26

No

B

U-W32-L26-NE-B

U

32

26

No

B

U-W32-L34-NE-B

U

32

34

No

B

U-W16-L18-E-F

U

16

18

Yes

Fr

U-W24-L26-E-F

U

24

26

Yes

Fr

U-W16-L18-E-B

U

16

18

Yes

B

U-W24-L26-E-B

U

24

26

Yes

B

R-W32-L34-NE-B

R

32

34

No

B

In the loading column of Table 6.4, D refers to push-down loading (gravity-type
loading), U refers to push-up loading (vertical component of earthquake excitation),
and R refers to reversal loading (longitudinal component of earthquake excitation).
Furthermore, W refers to the width of the diaphragm, L refers to the length of the
UHPC diaphragm along the cap beam, End-plate (E or NE in model names) refers
to the presence of end-plate at the end of the girder, and Contact refers to the
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contact between bottom flange for cases without end-plate and the contact between
the back of the end-plate for cases with end-plate.
The first iteration was using the minimum UHPC required similar to the nonseismic applications. For this case, where the thickness of the bottom flange was 1
in., the gap chosen was 4 in. A seat height of 2 in. was considered for the steel girder.
The total width and length of the UHPC diaphragm were assumed to be 16 in. (6
in. embedment for each girder) and 18 in. (2 in. of side gap). As expected under the
push-down loading the behavior was desirable. The failure of the model was through
local buckling of the girders outside the diaphragm (as shown in Figure6.29). The
capacity of the connection was also higher than the moment capacity of the section.
Figure 6.30 compares the moment deflection of the first model (D-W16-L18-NE-F)
with the model made with the concrete diaphragm from the previous chapter and
the strength I limit state, which was the controlling load combination.

Figure 6.29: Deflected shape of model D-W16-L18-NE-R-F under push-down loads.
The next model (U-W16-L18-NE-R-F) was the same as the first model but under
push-up loading. As the connection between steel and UHPC was only frictional,
the steel slid out of the UHPC in this model and the capacity and the stiffness
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Figure 6.30: Comparison of moment-displacement curve of UHPC connection vs
NSC connection under push-down loading.
of the system were very low. Figure 6.31 shows the moment-displacement for this
model and the companion model (U-W16-L18-NE-R-B), in which the top surface
of the bottom flange was considered bonded to the UHPC. The bond between steel
and UHPC could be achieved by providing a mechanical connection e.g. shear
connectors on the steel plates. By providing a bonded connection between the
steel flange and UHPC, the behavior of the model changes, and the capacity of the
connection increases under push-up loading. Figure 6.31 also shows the positive
moment capacity of the superstructure, and demand vertical excitation loading. As
discussed earlier, Caltrans specifies the demand loading as 0.25 of the dead loads
acting upward for cases with peak ground acceleration of more than 0.6g, however,
in the SDCL bridge system, 1.25 of the dead loads was considered due to the nature
of the system. The moment due to the dead load at the pier is equal to 0.
The next set of models were made with various widths and lengths of the UHPC
diaphragm. Figures 6.32a and 6.32b compare the moment-displacement response of
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Figure 6.31: Comparison of moment-displacement curve of models with and without
connection between bottom flange and UHPC under push-up loading.
the connection for similar cases with different widths. As can be seen in these figures,
by increasing the width, the capacity increases. If the width of the diaphragm is
large enough so that the steel yields before the failure in the connection (similar to
model U-W32-L26-NE-R-B) the connection shows a ductile behavior before failure.
The ductility is mainly from the yielding of the steel girder.
Figure 6.33 compares the behavior of the connection under push-up loading for
various lengths of the connection. In all the cases, the capacity of the connection
changes slightly, but the behavior of the connection remained similar. It can be
concluded that the length of the UHPC diaphragm does not affect the behavior of
the connection under push-up loading.
Two models (U-W16-L18-E-F and U-W24-L26-E-F) were made to see the effect
of the end-plate. These models had a 1-inch thick steel plate added to the end
of the girder. The end-plate acts as a mechanical connector therefore the bonded
connection was ignored in these models. The moment-displacement response of
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(a)

(b)

Figure 6.32: Effect of Width of UHPC diaphragm on the moment-displacement
response (a) L = 18 in. (b) L = 26 in.
these models compared with the models without end-plate is shown in Figure 6.34.
As can be seen in this figure the presence of the end plate does not increase the
capacity of the connection. The difference in the response is because, in the models
without the end-plate, after the first cracking in the UHPC close to the bottom
flange starts pulling out and therefore the connection fails. In the model with the
end-plate, the UHPC in the higher elevations gets engaged after cracking in the
lower parts (close to the bottom flange). This does not increase the capacity of the
connection however the connection shows a ductile failure.
The presence of the end-plate introduces a discontinuity in the UHPC and therefore can decrease the capacity of the connection. The gap between the steel end-plate
and UHPC at the back of the end-plate can open under tension (positive moment)
and therefore this surface behaves like an inherent crack. Therefore, the cracking
load in the models with end-plate is lower, which can be observed as lower stiffness
at higher loads. To prevent the opening between the end-plate and the UHPC,
mechanical connectors can be provided which does not affect the fabrication costs
significantly. The addition of the studs was studied in two models (U-W16-L18-E-
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(a)

(b)

(c)

Figure 6.33: Effect of Length of UHPC diaphragm on the moment-displacement
response (a) W = 16 in. (b) W = 24 in. (c)W = 32 in.
F and U-W24-L26-E-F) where the end-plate was assumed to be bonded with the
UHPC. The moment-displacement results of these two models are also presented
in Figure 6.34. As can be observed by adding the bonded connection between the
end-plate and UHPC, the capacity and the stiffness of the connection increases.
Figure 6.35 shows the deformed shape of the UHPC and the plastic strains
developed in the UHPC for one of the models. When examining the behavior of
the connection under push-up loading, the failure starts by cracking in the UHPC
near the bottom flange. Also, shear failure occurs on the sides of the bottom flange.

160

Figure 6.34: Effect of end-plate on the moment-displacement response or the connection.
That is the main reason, the length of the UHPC does not affect the capacity of the
connection.

Figure 6.35: Deformed shape and plastic strain in UHPC for model U-W24-L26NE-R-B.
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To simplify the failure surfaces and estimate a conservative capacity for the
connection under push-up loading, three failure surfaces can be assumed for the
connection similar to Figure 6.36. As explained before, the failure in the connection
starts with tension and shear cracking near the bottom flange. The cracking is the
start of failure and does not necessarily correspond to a decrease in capacity. But
gives a conservative estimate of the capacity of the connection. This means that,
under an earthquake excitation, the connection will remain uncracked. The capacity
of the connection can be estimated as the sum of the cracking force for the three
surfaces: Two shear surfaces, which are cracking due to the torsion in the plane,
and a tension surface, which is cracking due to the moment.

(a)

(b)

Figure 6.36: Failure surfaces under push-up loading (a) shear surface (b) tension
surface.
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The capacity of the connection under push-up loading can be estimated using
the following equations:
Mn = 2Sz,SS τcr + Sx,T S σcr
Where, Mn is the positive moment capacity of the connection, Sz,SS is the section
modulus of the shear surface (Figure 6.36a), Sx,T S is the section modulus of the
tension surface (Figure 6.36b), σcr is the tensile cracking stress of the UHPC, and
taucr is the shear cracking stress of UHPC. The shear cracking stress of the UHPC at
the critical surface (shear surface in Figure 6.37) can be estimated by observing the
principal stresses in this region, shown in Figure 6.37. Considering that the cracking
will occur perpendicular to the maximum principal stress, the angle in which the
cracking occurs will be similar to the red dashed lines in Figure 6.37. This angle
is similar to the pushout or pull-out angle defined by ACI 318 [83] equal to 1:1.5
or about 35 degrees. With this assumption, it can be derived that τcr = 1.5σcr . It
should be noted that this equation corresponds to the unset of cracking and not
the failure. Also, for cases with an end-plate, the second term can be ignored since
there is a discontinuity in the UHPC at the location of the end-plate.

Figure 6.37: The maximum and minimum principal stress vectors for UHPC near
the bottom flange. The green dashed line indicates the bottom flange and red dashed
lines are the expected cracking planes.
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The calculated cracking moment according to the equation above for the connection for the push-up models of this study are shown in Table 6.5 and compared
with cracking moments obtained from the models. The cracking moments from
models were taken by obtaining plastic strains and interpolating the moment value
for plastic strain corresponding to 1.24 ksi (8.5 MPa). The tensile cracking stress
to calculate the prediction using the equation above was also considered as 1.24 ksi
(8.5 MPa). It can be observed that the equation above can conservatively predict
the cracking capacity of the connection under push-up loading and can be used for
design purposes.
Table 6.5: Comparison of cracking moment obtained from models and the equation.
Model name

Mcr,M (kip-ft)

Mcr,Eq (kip-ft)

Mcr,Eq /Mcr,M

U-W16-L18-NE-B

1297

1270

0.98

U-W16-L26-NE-B

1332

1270

0.95

U-W24-L18-NE-B

1828

1746

0.96

U-W24-L26-NE-B

1953

1746

0.89

U-W32-L26-NE-B

2938

2222

0.76

U-W32-L34-NE-B

2975

2222

0.75

U-W16-L18-E-F

825

714

0.87

U-W24-L26-E-F

1717

1190

0.69

U-W16-L18-E-B

1656

1270

0.77

U-W24-L26-E-B

2261

1746

0.77

The behavior of the models under longitudinal excitation was different compared
to the models in the previous chapter. The main difference comes from the small
width of the diaphragm. As can be observed in Figure 6.38a, which shows the final
deformed shape and plastic strains in the model R-W32-L34-NE-B, non-linearity
occurs in the diaphragm at the section under the girder. This was inevitable, first
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due to a reduction in the depth of this section (which is the width of the diaphragm)
and also the termination of some of the column longitudinal bars at top of the drop
cap.

(a)
(b)

Figure 6.38: (a) The deformed shape and plastic strains in model R-W32-L34-NE-B,
(b) Schematics of the column longitudinal bars developing in the cap beam.
This behavior usually does not occur in the case of an integral cap-beam in seismic areas, because first, the column longitudinal bars extend to the deck level in the
cap beam, and second, additional joint vertical reinforcement (equal to 10% of the
column longitudinal bars area) should be provided around the column throughout
the depth of the cap beam. This issue is rather a detailing problem and the behavior does not change by replacing a portion of the diaphragm with UHPC. To avoid
this type of behavior, the width of the diaphragm can be increased to incorporate
all the column reinforcement (or most of it) with additional reinforcement to account for the decrease in the cross-sectional area. To ensure that the damage does
not occur within this section, a sectional analysis (e.g. moment-curvature analysis)
should be performed. The critical section (red dashed lines in Figures 6.38) should
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remain elastic under the over-strength moment capacity of the column considering
the additional moment arm due to the drop-cap height.
One solution to solve this issue is to increase the width of the normal concrete
portion of the diaphragm. The column longitudinal reinforcement will have room to
extend to the deck level. Also, the joint shear reinforcement could be placed there
as well. The critical section under the girder would have enough capacity so that
all the elements remain elastic when the plastic hinge is completely developed. In
this case, a sectional analysis should be performed to check the yielding capacity of
the critical section (under the girders) with the overstrength capacity of the column.
Figure 6.39 shows damage progress in a model where the UHPC remained the same
as model R-W32-L34-NE-B but the concrete diaphragm had the same width as the
drop cap. The column longitudinal reinforcement and the joint shear reinforcement
are all placed in this model, and it can be observed that the damage does not form
at the section under the girders.

Figure 6.39: Damage formed in model with UHPC and concrete diaphragm, where
concrete diaphragm width is equal to the drop cap width.
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6.5

Design Recommendations

Based on the conclusions made from the extensive numerical analysis on the behavior of the connection detail when NSC is replaced by UHPC, a preliminary set of
recommendations have been made for designing an SDCL steel bridge system utilizing UHPC. The schematic of the UHPC connection developed is shown in Figure
6.40.

Figure 6.40: Schematic view of the UHPC connection detail for SDCL steel bridge
system.

The design consideration for the UHPC connection and each component are
listed below.
• Gap width: The gap width is the distance between the girders of adjacent
spans, shown as G in Figure 6.41. The distance is important to develop the
compression strut in the UHPC and transfer of the compressive forces between
the bottom flanges. It was found that a minimum distance of 4tbf would suffice
in transferring the compression forces of a yielded bottom flange. tbf is the
thickness of the bottom flange.
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• Seat height: To prevent crushing of drop cap made from NSC, the girders
should be seated at a height H before casting of UHPC, as shown in Figure
6.41. The UHPC will surround the bottom flange and encases the girder end.
The minimum height required to prevent crushing in NSC due to the formation
of bottle-shaped compression block is about 2tbf . Where tbf is the thickness
of the bottom flange.
• Width of diaphragm: The required width of the diaphragm, W , (shown in
Figure 6.41) is mainly defined by the splice length of the deck reinforcement
in the non-seismic detail, and by the required capacity of the failure surfaces
under push-up and longitudinal loading for the seismic detail. The width of
the diaphragm should accommodate the gap width and an embedment length
for the steel girders. The embedment is required to engage the girders with the
diaphragm and keep the girder in place. The yielding capacity of the section
of the diaphragm under the girders should be greater than the over-strength
capacity of the column considering the additional moment arm equal to the
height of the drop cap.
• Length of UHPC in diaphragm: The diaphragm can be partially precast with
NSC and partially cast-in-place with UHPC. The length of the UHPC cast,
L, could be enough to fit the girder with a side gap, s, on each side, as shown
in Figure 6.41. The side gap should not be less than 2tbf . Where tbf is the
thickness of the bottom flange. The presence of a side gap ensures that the
compression strut forms in UHPC and stresses in adjacent NSC do not surpass
the compressive strength of NSC.The effect of length in the seismic connection
was found to be insignificant.
• Deck reinforcement: The live load continuity deck reinforcement (shown in
Figure 6.41) is designed similar to the older connection detail explained in
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previous chapters. These reinforcements are designed for the demand negative
moment at the pier. The reacting compression force for the case of the UHPC
connection would be the steel girder. It should be noted that the UHPC
connection is developed so that it would sustain the negative moment capacity
of the girder and deck (including the continuity reinforcement).
• Surface preparation: The interface of UHPC and NSC should have sufficient
shear capacity to ensure complete load transfer under vehicle brake loading
and unsymmetrical loading of the superstructure. All these load cases are
similar to an integral cap beam connection. However due to the smaller width
of the diaphragm, shear loads may control the design. Shear dowels may be
used to enhance the interface of UHPC and NSC.
• Girder end detail: The girder end detail could help in transferring the forces
inside the diaphragm. However, during the numerical analysis it was found
that with sufficient gap width, the girder end without any modification could
transfer the compression loads in the bottom flange. The presence of an endplate in the seismic connection may increase the ductility but does not affect
the capacity.
• Diaphragm reinforcement: The UHPC portion of the diaphragm in the nonseismic connection detail does not require reinforcing bars, however, for the
seismic connection the NSC diaphragm reinforcement should develop inside
UHPC to ensure an integral cap beam is formed. The yielding capacity of
the section at the bottom of the diaphragm should be checked against the
over-strength capacity of the column. Under longitudinal excitation, this section controls the design and should be reinforced so that it does not undergo
yielding before the full capacity of the plastic hinge is developed.
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(a)

(b)

Figure 6.41: UHPC connection detail for SDCL steel bridge system (a) side view,
(b) front view.
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CHAPTER 7
CONCLUSIONS

7.1

Highlights and Contributions

In this research, the performance and behavior of alternative connection details for
simple for dead load and continuous for live load (SDCL) steel bridge systems for
non-seismic and seismic areas were investigated. The construction sequence of an
SDCL steel bridge system inherently reduces the impact on traffic but is suitable
to be combined with accelerated bridge construction (ABC) methodologies. In an
ABC application of SDCL steel bridge system, the girders are pre-topped with the
tributary width of the deck or precast deck panels could be used. The superstructure is made continuous with adjacent spans for the service life of the bridge using
a concrete diaphragm. The connection detail for making the superstructure continuous in the concrete diaphragm at an intermediate pier was the main focus of this
study.
One of the objectives of this study was experimental verification of a previously
developed detail that uses normal strength concrete (NSC) in the diaphragm. The
subject connection detail was developed using numerical analysis and implementation of the connection requires experimental verification. In this study, component
level and system-level testing were performed on scale models of SDCL steel bridge
system made with the developed connection detail. Based on the result of the
experiments a set of design recommendations were developed.
Another objective of the study was the development of a connection detail utilizing ultra-high performance concrete (UHPC). UHPC has superior mechanical
properties such as high compressive and tensile strength and high ductility. What
makes UHPC an attractive material for ABC application is the high early strength
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of the material. In this study, a new connection detail utilizing UHPC was developed
using numerical analysis. The numerical models were validated with the available
experimental data. Multiple sets of parametric studies were performed to develop
the connection detail and tentative design recommendations.
The following are some of the highlights of this research:
• The connection detail developed, which comprised of steel blocks, deck live
load continuity bars, cap beam vertical bars, and tie bars, performed well under
both cyclic testing and shake table testing. In both tests, the damage was
limited to the predefined locations, i.e. plastic hinges formed at the end of the
column. The capacity-protected elements remained elastic and undamaged.
• The conclusions of the scaled experimental studies were extended to a full-scale
prototype bridge using validated numerical models. The connection detail
behaved as expected in the full-scale models. The capacity-protected elements
remained elastic and undamaged under loadings simulating the earthquake
excitations. Under other types of loading, the structure sustained demand
forces, and the connections performed as desired.
• Using UHPC in the diaphragm area of an SDCL steel bridge helps with simplifying the connection detail. For non-seismic applications, the girder end
detail can be without any modification to the girder. The compression forces
in the bottom flange will fully transfer through the UHPC when a minimum
gap is provided between the girders and the girders are seated at a minimum
height so that the UHPC surrounds the bottom flange.
• The complete length of the diaphragm does not require to be from UHPC.
UHPC can only be used at a distance from the girders to encase the end of
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the girder. Surface preparation would be required for the normal concrete to
UHPC interface connection.
• For non-seismic applications, the UHPC connection could be made without
any reinforcing steel in the vicinity of the girder. This advantage makes the
UHPC connection very suitable for ABC applications, by eliminating the onsite reinforcement placement.
• The deck longitudinal reinforcement in the UHPC connection will be developed
in the field-cast UHPC. The use of UHPC at the pier in the deck elevation
(top of the diaphragm) will eliminate the requirement for hooked bars in the
SDCL connection detail. The deck longitudinal bars can develop and splice
inside the UHPC layer in a short length.
• The non-seismic design recommendations apply to seismic applications; however, the connection should be checked under vertical excitation demands (positive moment) and horizontal excitation demands (Longitudinal). The positive
moment capacity of the connection can be calculated by finding the cracking
moment at the three defined surfaces at the end of the girder. Under longitudinal excitations, the diaphragm section under the girders is the critical
section. The capacity of this section should be higher than the overstrength
capacity of the column considering the extra moment arm due to the drop
cap.
• One solution to increase the capacity of the critical section (under longitudinal
excitation) is to have the NSC portion of the diaphragm with the same width
as the drop cap and develop all the column longitudinal bars and the joint
shear reinforcement in both drop cap and diaphragm.
The following are the contributions of this research to the body of knowledge:
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• Verifying and proof of concept testing for SDCL steel bridge systems in seismic
areas.
• Developing numerical models capable of predicting UHPC material properties
in various test scenarios.
• Developing an alternative simplified connection detail for SDCL steel bridge
system in non-seismic and seismic areas suitable for ABC applications utilizing
UHPC.
• Comprehending the load-transfer mechanism in the UHPC connection under
various types of loading.

7.2

Future Work

The next step for this study is the experimental verification of the UHPC connection
detail. Field implementation of any new connection detail requires experimental
verification. Among the performance aspects of the connection to be investigated
experimentally, the fatigue behavior of the connection under simulated live loads
can be named. As both steel and UHPC in this connection detail experience high
stresses under gravity type loadings, fatigue behavior is of importance. Ultimate
load testing for strength limit states and extreme limit states would be the next
steps of the experimental verification.
One of the aspects that is necessary to be investigated in the connection detail, is the development of the compression strut in the UHPC between the bottom
flanges. There is a lack of research in the literature in the area of triaxial compression, failure criterion for under triaxial stress states, and bottle-shaped compression
strut in UHPC, therefore, further research in this area would be very beneficial for
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understanding the behavior of UHPC in the connection detail developed herein and
in other applications of UHPC.
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[97] Eva Caldová, Lukáš Blesák, František Wald, Michal Kloiber, Shota Urushadze,
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